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EXECUTIVE SUMMARY 
Seismic isolation is one of the most popular strategies to protect civil engineering structures against 
earthquake hazards. For highway bridges, isolation physically decouples a bridge superstructure from 
its substructures resting on a shaking ground, leading to a significant reduction in seismic forces 
transmitted from the superstructure to the substructure and foundation. The isolation technique has 
conventionally been employed in protecting highway bridges in high-seismic zones, and the 
decoupling is typically realized by interposing specially designed isolators between bridge 
superstructures and substructures. 
In recent years, bridge engineers at the Illinois Department of Transportation (IDOT) developed an 
innovative “quasi-isolation” strategy to improve bridge seismic resilience in geographical regions with 
low-to-moderate seismicity, such as southern Illinois. Different from conventionally isolated bridges, 
non-seismically designed commonplace bearing components are employed as sacrificial connections 
between superstructures and substructures of quasi-isolated bridges. During a major earthquake, 
fusing actions of the sacrificial connections, as well as subsequent bearing deformation and sliding, 
can reduce seismic demands on bridge substructures and foundations. In conjunction with the 
sacrificial connections, conservatively designed bearing seat widths at substructures are relied upon 
to accommodate the displacement demands of bridge superstructures and eventually prevent span 
loss. 
The objectives of this study were to assess the seismic performance of prototype quasi-isolated 
highway bridges with seat-type abutments, validate the current design strategy, and provide 
recommendations for improving a bridge’s seismic performance. To encompass common 
configurations of quasi-isolated highway bridges, a suite of prototype bridges with variations in the 
span arrangement, girder type, skew angle, pier column height, and foundation soil condition were 
computationally studied. Detailed, yet efficient, three-dimensional nonlinear finite-element models 
were developed for the bridges, incorporating various critical structural components and 
geotechnical mechanisms. 
Multi-mode adaptive pushover analyses were conducted to investigate bridge response 
characteristics in terms of the force distribution among substructures, the sequence of limit state 
occurrences, the fusing of sacrificial connections, and the vulnerability of critical bridge components. 
Additionally, eigenvalue modal analyses were performed in the elastic and inelastic bridge 
deformation states to reveal modal response characteristics of the bridges. The study culminated in a 
comprehensive and extensive seismic performance assessment of prototype quasi-isolated bridges, 
for which thousands of nonlinear dynamic time-history analyses were carried out using a 
supercomputer. The bridges were subjected to a suite of site-specific earthquake ground motions, 
taking into account the site condition and the regional seismicity of Cairo, Illinois. 
The assessment results validated that the current quasi-isolation bridge design strategy is generally 
effective, and the majority of the studied prototype bridges are unlikely to fail in global collapse when 
subjected to horizontal earthquake ground motions with a 1,000-year return period in deep southern 
Illinois. Although many of the prototype bridges exhibited satisfactory seismic performance, the 
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response of a small number of them demonstrated a high risk of bearing unseating and severe pier 
column damage. With the aim of improving the seismic performance of these bridges, preliminary 
recommendations for calibrating the current design strategy were proposed, and their efficacy was 
demonstrated by comparative studies. 
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CHAPTER 1: BACKGROUND 
1.1 MOTIVATION 
In early 2008, the American Association of State Highway and Transportation Oﬃcials (AASHTO) 
published revised standards for the design of earthquake-resistant highway bridges, namely the 
AASHTO Load and Resistance Factor Design (LRFD) Bridge Design Speciﬁcations (AASHTO 
2008a) and AASHTO Guide Speciﬁcations for LRFD Seismic Bridge Design (AASHTO 2008b). In 
the revised standards, the return period of the design earthquake was increased from 500 years 
to 1,000 years for the ﬁrst time. The longer return period represents a signiﬁcant increase in 
design accelerations for highway bridges in the West Coast with high seismicity and some 
regions in the Midwest and East Coast. This includes the southern Illinois area, where high-
magnitude low-probability seismic hazards have also been a primary concern for the safety of 
transportation infrastructures.  
In response to the increased demand on seismic design and the construction of highway 
bridges, bridge engineers of the Illinois Department of Transportation (IDOT) developed an 
innovative framework for the design, the construction, and the retroﬁt of earthquake resisting 
system (ERS) highway bridges in the state of Illinois (Tobias et al. 2008; IDOT 2012a). 
Conventional bridge isolation strategies using seismically designed isolators, restrainers, and 
dampers are typically employed in regions with high seismicities, such as the Western United 
States. Friction pendulum bearings (Dao et al. 2013) and lead-rubber bearings (Robinson 1982) 
are typically used for conventionally isolated structures. In contrast, the quasi-isolated bridge 
system features a simpliﬁed and economical design and construction process, yet it is expected 
to protect the highway bridges in regions with moderate seismicities, such as southern Illinois in 
the Midwestern United States, from excessive seismic damage and collapse.  
The quasi-isolation strategy employs non-seismically designed sacriﬁcial connections between 
bridge superstructures and substructures in conjunction with conservatively designed bearing 
seat widths at substructures. During a major earthquake, damage and the failure of these fuse-
like connections are expected to limit superstructure inertia forces transferred down to 
substructures and foundations, dissipate seismic energy, and elongate structural periods. This 
results in protecting bridge substructures and foundations from severe seismic damage. After 
the fusing of the sacriﬁcial connections during a major earthquake, bridge superstructures may 
slide onto substructures with only weak restraints comprised mainly of frictions at bearing-
substructure interfaces. Sliding and the displacement response of superstructures and bearings 
is accommodated by the conservatively designed bearing seat width at substructures. As the 
primary objective of IDOT’s ERS bridge design strategy, the conservative seat width is relied 
upon to prevent the loss of bridge span (IDOT 2012a), which can directly result in the disruption 
of transportation lifelines and cause loss of life.  
In the quasi-isolation bridge design strategy of Illinois, three tiers of seismic structural redun-
dancy are strategically employed to prevent excessive seismic damage and span loss during 
major earthquakes (Tobias et al. 2008). The ﬁrst tier consists of sacriﬁcial superstructure-
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substructure connections, such as Type I elastomeric expansion bearings, bearing transverse 
retainers, low-proﬁle steel ﬁxed bearings, and steel dowel connections. These connections are 
designed as the weakest fuses with relatively small fusing capacities in the entire bridge system. 
The second tier is the conservatively designed bearing seat width at substructures. This tier is 
intended to prevent bridge span loss by accommodating large superstructure and bearing 
displacements after fusing of the ﬁrst tier. As the last tier of seismic structural redundancy, 
limited yielding and damage of the substructure and foundation components, such as 
reinforced-concrete (RC) pier columns, foundation piles, and backﬁll/embankment soil, is 
allowed to occur. Preferably, the capacity of these components should be larger than that of 
the sacriﬁcial superstructure-substructure connections in the ﬁrst tier.  
Based on the motivations described, the objectives of this research were to assess the seismic 
performance of prototype quasi-isolated highway bridges with seat-type abutments, reveal the 
seismic response characteristics of bridges with various permutations of typical conﬁgurations, 
identify deﬁcient performance and potential risks of severe damage to critical components and 
global bridge collapse, and recommend practical strategies for seismic performance 
improvement. These objectives were accomplished through an extensive and comprehensive 
computational investigation on a suite of prototype quasi-isolated bridges. The bridges are 
supported by non-skew and skew seat-type abutments in conjunction with reinforced concrete 
(RC) multi-column intermediate piers. 
1.2 REPORT ORGANIZATION 
The primary goal of this research was to investigate the seismic behavior of typical seat-type 
abutment bridges in Illinois, assess their performance, and identify any potential risks in their 
seismic design which should be addressed. The report presents the results of computational 
modeling of typical IDOT IAB configurations, conducted from 2013 through 2017 in the 
Department of Civil & Environmental Engineering at the University of Illinois at Urbana-
Champaign. The following is a summary of the contents of this report. 
Chapter 1 discusses the motivation for the research and provides an overview of past seat-type 
abutment bridge studies and past computational modeling of seat-type abutment bridges. 
Chapter 2 discusses the parametric variations of the prototype bridges explored in this study. 
This chapter also details the computational modeling procedure for the bridge models. 
Chapter 3 outlines the procedure used to perform dynamic analyses. 
Chapter 4 presents overall dynamic results for the 80 bridge variants described in Chapter 2. 
Chapter 5 explores potential design recommendations to enhance the seismic behavior of seat-
type abutment bridges in Illinois. 
Chapter 6 summarizes the key results and design recommendations determined. 
Recommendations for further research are also provided. 
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1.3 LITERATURE REVIEW 
1.3.1 Prior Research on Quasi-Isolated Highway Bridges in Illinois  
In order to calibrate and reﬁne the earthquake resisting system (ERS) bridge design 
methodology, IDOT and the Illinois Center for Transportation (ICT) sponsored a research project 
with the University of Illinois at Urbana-Champaign. During its ﬁrst phase (Project No. ICT-R27-
070) that was completed in 2013, experimental and computational investigations were carried 
out primarily in the following research areas:  
• Laboratory experimental tests on full-scale specimens of typical bearing components for 
quasi-isolation  
• Computational modeling of bearing components validated and calibrated using full-scale 
experimental results 
• Computational modeling of complete bridge systems 
• Parametric studies employing complete bridge models and synthetic ground motions to 
explore system-level seismic performance for a suite of prototype Illinois bridges 
• Recommendations for improving seismic design of quasi-isolated ERS bridges based on 
experimental and computational results 
Detailed results of these investigations have been documented in published technical reports 
(LaFave et al. 2013a,b) and journal articles (Steelman et al. 2013, 2014, 2016; Filipov et al. 
2013a,b). Summarized approaches and important ﬁndings and conclusions are reviewed below.  
The experimental testing program on full-scale specimens of typical bridge bearing components 
in Illinois was conducted in the Newmark Civil Engineering Laboratory at the University of 
Illinois at Urbana-Champaign (LaFave et al. 2013a; Steelman 2013). The experimental setup was 
designed to simulate real seismic loading conditions for the bearing components installed in 
bridges. Full-scale specimens of three types of non-seismically designed bridge bearings were 
tested, namely steel-reinforced laminated elastomeric expansion bearings (IDOT Type I 
bearings), bearings comprised of a steel-reinforced laminated elastomer and a stainless steel-
on-Teﬂon sliding surface (IDOT Type II bearings), and low-proﬁle steel ﬁxed bearings. These 
bearing components were tested under various monotonic and cyclic, quasi-static and dynamic 
displacement protocols in the longitudinal and transverse bridge directions. These experiments 
yielded valuable information concerning the behavior of bearings and retainers under dynamic 
loads. 
Filipov et al. (2013a) developed a coupled bi-directional nonlinear element to capture the shear 
and sliding behavior of Type I and II elastomeric bearings using experimentally tested bearing 
response data. The model captures a number of distinct phases of bearing shear and sliding 
behavior by using multiple coeﬃcients of friction, namely an initial static coeﬃcient of friction 
µSI, a kinetic coeﬃcient of friction, µK, and a stick-slip coeﬃcient of friction µSP. Figure 1.1a shows 
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the schematic of shear and sliding behavior of the bearing element. The model has been 
validated and calibrated using results of experimental tests on full-scale bearing specimens. 
A coupled bi-directional nonlinear element was developed to capture the elasto-plastic 
behavior of the steel anchor bolts securing low-proﬁle steel ﬁxed bearing into concrete when 
subjected to horizontal shear demands (LaFave et al. 2013b; Filipov et al. 2013b). Figure 1.1b 
schematically illustrates the force-displacement relation of the model. Additionally, the model 
for sliding behavior of elastomer on concrete is superimposed to the steel anchor model, in 
order to simulate the post-fusing sliding at the elastomeric pad-concrete interface. This 
combination of two diﬀerent types of models was also validated against experimental results. 
Yielding and the rupture of the retainer anchor bolt under lateral forces were modeled using a 
unidirectional elasto-plastic computational model (LaFave et al. 2013b; Filipov et al. 2013b). 
Figure 1.1c schematically illustrates the force-displacement relation of the model.  
 
Figure 1.2: Schematic of computational model for (a) stick-slip and friction behavior of 
elastomeric bearings (after LaFave et al. 2013b; Filipov et al. 2013a), (b) elasto-plastic shear 
behavior of steel fixed bearing anchors (after LaFave et al. 2013a; Filipov et al. 2013b), and (c) 
elasto-plastic behavior of bearing retainer anchors (after LaFave et al. 2013b; Filipov et al. 
2013a). 
In the computational parametric study conducted in the ﬁrst phase of the research project, a 
suite of 48 quasi-isolated highway bridges with three-span continuous superstructures, non-
seismically designed bearing components, and non-skew seat-type abutments were developed 
(LaFave et al. 2013b; Filipov et al. 2013b). A suite of 20 synthetic ground motions developed by 
(Fernandez and Rix 2008) with an approximately 1,000-year return period were employed in 
nonlinear dynamic bridge analyses. A number of important observations were made from the 
nonlinear dynamic bridge analysis results and are brieﬂy summarized as follows:  
• Most of the bridges did not experience bearing unseating under design-level earthquake 
excitations.  
• Bridges equipped with Type I elastomeric bearings demonstrated reliable behavior in 
preventing bridge span loss. For bridges equipped with Type I bearings, unseating was 
not observed when the bridges were subjected to longitudinal earthquake ground 
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motions. However, unseating was observed when the bridges were subjected to MCE-
level transverse earthquake ground motions.  
• Bridges equipped with Type II elastomeric bearings were shown to be more prone to 
unseating than those with Type I bearings.  
• The displacement response of bridges with tall piers and Type II bearings was 
signiﬁcantly larger than the other bridges.  
• The response of a few bridges under bi-directional seismic excitation was found to be 
smaller than their response under uni-axial ground motions.  
Based on the dynamic analysis results, a few recommendations were made for improving the 
quasi-isolation strategy:  
• The use of Type II elastomeric bearings should be limited to regions of low or moderate 
seismicity due to their high risk of unseating.  
• Type I bearings are appropriate for use in regions of all different seismic hazard levels.  
• Using the contribution from the abutment backwall to limit bridge longitudinal response 
should be considered in seismic bridge design.  
1.3.2 Modeling of Seat-Type Bridge Abutments for Seismic Analysis  
Seat-type abutments are commonly used for highway bridges in many regions of the United 
States. The structural components of a typical seat-type abutment may include a backwall, two 
wingwalls, a stem wall (pile cap) and piles, an approach slab, and bearing components. A 
primary feature that distinguishes seat-type bridge abutments from integral and semi-integral 
abutments is that an expansion joint is set between the abutment backwall and the adjacent 
superstructure end to accommodate thermally induced bridge deformation by separating the 
superstructure from abutments.  
The abutment backwall and wingwalls are traditionally designed to withstand the active 
pressure of backﬁll soil and maintain the integrity of the abutment. The design of abutments for 
service conditions is relatively straightforward, which typically ensures that the reinforced 
concrete walls, foundation, and connections can withstand the gravity load of the bridge 
superstructure and the traveling vehicles, as well as the active pressure of backﬁll soil. 
However, complications arise when seismic demands are considered. Seat-type abutments and 
their foundations provide considerable resistance to the longitudinal seismic displacements of 
bridge superstructures and, in return, are subjected to large seismic force demands brought by 
the superstructures. A number of post-earthquake reconnaissance reports have indicated 
seismic bridge damage and failures caused by superstructure-abutment-foundation interactions 
under moderate to strong earthquakes. This includes the unseating of superstructures at 
abutments (Buckle 1994; Elnashai et al. 2010; Kawashima et al. 2011; Lee and Loh 2000; Yen et 
al. 2011), overturning and large residual displacements of abutment foundations (Jennings 
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1971; Sardo et al. 2006), local pounding damage and the global failure of concrete backwall 
(Lee and Loh 2000; Sardo et al. 2006; Yen et al. 2011), excessive deformation of the backﬁll and 
embankment soil (Lee and Loh 2000), as well as shear key failure (Shamsabadi 2007; 
Kawashima et al. 2011; Yen et al. 2011).  
In view of the seismic damage and failures of bridge abutments, researchers have conducted 
various investigations to better understand and properly model abutment response 
characteristics and superstructure-abutment-foundation interactions under seismic demands. 
In recent years, a number of large-scale ﬁeld experimental tests on the capacity and stiﬀness 
properties of seat-type abutments in passive conditions were carried out (e.g. Stewart et al. 
2007; Bozorgzadeh et al. 2008; Wilson and Elgamal 2010). In addition to experimental tests, 
analytical studies (Wilson 1988; Shamsabadi et al. 2005, 2007) were also conducted to estimate 
the stiﬀness and capacity characteristics of bridge abutments for seismic performance-based 
bridge design and analysis.  
Besides the experimental and analytical investigations, numerical simulations (Crouse et al. 
1987; Martin et al. 1997; Rollins et al. 2010b) and system identiﬁcations (Werner et al. 1987; 
Wilson and Tan 1990; Goel and Chopra 1997) were also conducted to investigate the stiﬀness 
and capacity characteristics of bridge abutments during earthquakes and the implications for 
seismic bridge response.  
1.3.3 Seismic Response Analysis of Highway Bridges with Seat-Type Abutments  
The seismic response of seat-type abutment highway bridges has been extensively studied by 
many researchers over the past several decades using various analytical, numerical, and 
experimental approaches. A number of representative computational and analytical studies 
published in the 21st century are reviewed herein. Among all the studies on the seismic 
response analysis of highway bridges, these studies are most relevant to the present research, 
in terms of the methodology or conclusion.  
Zhang and Makris (2002) employed a stick-spring bridge model and a more sophisticated ﬁnite 
element model to compute the seismic response of two instrumented highway bridges in 
California, taking into account the soil-structure interaction at bridge embankments. It was 
concluded that the seismic bridge response can be reliably estimated with the stick-spring 
bridge model under certain conditions.  
Nielson and DesRoches (2007) conducted seismic evaluations for a multi-span simply supported 
and a multi-span continuous girder bridge with typical conﬁgurations in the Central and 
Southeastern United States. It was concluded that the response of multi-span continuous-girder 
bridges was found to be predominant in the longitudinal direction, and a 2-D longitudinal 
model may be used for assessing the seismic risk of this type of bridge. The multi-span simply-
supported bridge was found to sustain a similar degree of bearing deformations in the 
longitudinal and transverse directions.  
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Kalantari and Amjadian (2010) developed an analytical method for the dynamic analysis of 
skewed highway bridges with a continuous rigid deck. It was claimed by the authors that this 
method can be used by bridge engineers for the preliminary seismic design of skew bridges.  
Mitoulis (2012) performed a comparative study on the seismic response of three real seat-type 
abutment bridges with various total length, expansion joint opening width, and backﬁll models. 
The author claimed that the seismic participation of seat-type abutments and backﬁll soil can 
lead to cost-eﬀective bridge design as the participation of seat-type abutments can reduce the 
member size of pier columns, bearings, and foundations or be utilized as a second line of 
defense against seismic demands.  
Kaviani et al. (2012) conducted extensive seismic analyses on reinforced concrete highway 
bridges with skew-angled seat-type abutments. The analysis results indicated that the seismic 
response of skew bridges, such as deck rotation and column drift, was higher than the 
equivalent non-skew bridges under the same seismic excitation, and that skew bridges are 
more prone to collapse then non-skew ones. It was also found that the seismic response of 
skew bridges was largely aﬀected by the bridge skew and column height, but appeared to be 
insensitive to the span arrangement.  
Kwon and Jeong (2013) studied one-and two-span skew highway bridges supported by 
elastomeric bearings. The bridge skew was found to have important eﬀects on deck end 
displacements in the abutment-normal direction. It was also concluded that the minimum seat 
width speciﬁed by AASHTO may not be conservative enough for preventing deck unseating of 
bridges when subjected to near-fault ground motions.  
Through reviewing the existing studies, it was learned that the computational bridge model 
should at least incorporate reasonably developed nonlinear models for bearing components, 
pier columns, and abutments. Specifically, the superstructure-abutment interaction eﬀect 
needs to be suﬃciently accounted for by the abutment model, so that the dynamic pounding 
forces between abutments and deck ends, the unseating of deck ends at abutments, the 
rotation of skew bridge decks, and other critical seismic responses of seat-type abutment 
bridges can be captured. In contrast, the bridge superstructure is typically modeled using linear 
elastic beam or shell elements to save computational cost, as it is not expected to sustain 
excessive seismic damage.  
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CHAPTER 2: COMPUTATIONAL MODELING OF PROTOTYPE 
QUASI-ISOLATED BRIDGES 
To comprehensively investigate the seismic response characteristics of quasi-isolated seat-type 
abutment highway bridges in Illinois, a suite of prototype bridges were computationally 
modeled for subsequent studies. The suite encompasses three-span and four-span bridges with 
steel-plate and prestressed-precast-concrete (PPC) girders, which are categorized into four 
major types of bridges based on the span arrangement and girder type. For each of the four 
major bridge types, 20 bridge variants that diﬀer in the skew angle, pier column height, and 
foundation soil condition were included, in order to investigate the eﬀect of these parameters 
on bridge seismic response. The 80 bridge variants in total were intended to represent both the 
common existing quasi-isolated bridges and the design trends for future bridges in the state of 
Illinois.  
The nonlinear ﬁnite-element package Open System for Earthquake Engineering Simulation 
(OpenSees) was employed to computationally model the bridges. Detailed three-dimensional 
(3-D) ﬁnite-element models were created for all the 80 prototype bridge variants. The ﬁnite-
element bridge model includes various nonlinear materials and elements for modeling critical 
structural components and geotechnical mechanisms of the bridges. 
2.1 PROTOTYPE QUASI-ISOLATED HIGHWAY BRIDGES 
In this study, a suite of 80 prototype quasi-isolated highway bridges was computationally 
modeled. The bridges comprise permutations of configurations including three and four spans, 
steel-plate and PPC girders, five bridge skew angles 0°, 15°, 30°, 45°, and 60°), and pier columns 
with two different clear heights (4.6 m (15 ft) and 12.2 m (40 ft)), as well as soft and hard 
foundation soil conditions, as shown in Table 2.1. The design of these bridges, complied with 
AASHTO and IDOT bridge design specifications (AASHTO, 2010, 2011; IDOT, 2012a), is intended 
to represent existing quasi-isolated bridges in Illinois and bridges that are planned for future 
construction. Each of the prototype bridges is uniquely referred to using nomenclature 
comprised of eight characters, as illustrated in Figure 2.1. For instance, “3S45P15H” refers to 
the three-span steel-plate-girder (3S) bridge with a skew of 45°, pier columns with a clear 
height of 4.6-m (15-ft) (P15), and hard foundation soil (H). The first two characters denote the 
four basic bridge types (3S, 4S, 3C and 4C), which are defined based on the bridge 
superstructure. 
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Table 2.7: Prototype Quasi-Isolated Bridge Variants for Computational Studies 
 
 
 
 
Figure 2.3: Nomenclature for prototype bridge variants. 
Figure 2.2 depicts the three- and four-span prototype bridges with their critical components 
annotated. The three-span continuous superstructure comprises six girders, transverse 
diaphragms, and a concrete slab on top of the girders. The four-span continuous superstructure 
consists of the same components, but the number of girders is increased to seven. The 
superstructure is supported by two seat-type abutments and two or three intermediate 
reinforced-concrete (RC) multi-column piers. The piers and abutments are supported by steel H 
piles. Table 2.2 provides detail information for the critical bridge components.  
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(a). Three-span prototype bridges 
 
(b). Four-span prototype bridges 
Figure 2.4: Configuration and dimensions of (a) three-span and (b) four-span prototype quasi-
isolated bridges. 
  
11 
Table 2.8: Design Parameters of Critical Structural Components for Prototype Quasi-Isolated 
Bridges 
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Table 2.2 (cont.): Design Parameters of Critical Structural Components for Prototype Quasi-
Isolated Bridges 
 
 
Table 2.3 lists the seismic mass of the bridge superstructures. The superstructure mass does not 
change much in the non-skew and skew bridge variants of the same type. The 4C bridges have 
the heaviest superstructures of a bridges, while the 3S bridges have the lightest 
superstructures. The superstructure mass is directly related to the seismic force demand on the 
bridge.  
Table 2.9: Seismic Mass of Bridge Superstructure (103 kg) 
 
 
A 3-D nonlinear finite-element model was created for each of the 80 prototype bridges using 
OpenSees. The full-bridge model includes a superstructure and several substructures, as well as 
all bearings/retainers and foundation piles. In addition to structural components, geotechnical 
mechanisms such as backfill passive resistance at the abutments and pile caps of intermediate 
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piers, as well as lateral and axial soil-pile interaction, are also incorporated in the model. Figure 
2.3 shows two examples of the 3-D bridge models, one of which is a highly skewed three-span 
bridge supported by short piers and the other is a non-skew four-span bridge supported by tall 
piers. 
 
(a). 3C60P15H bridge 
 
(b). 4S00P40S bridge 
Figure 2.5: Examples of 3-D finite-element bridge models. 
2.2 COMPUTATIONAL MODELING AND BRIDGE DETAILS 
2.2.1 Bridge Superstructure Model 
The bridge superstructure was modeled using a grillage modeling approach (O’Brien et al. 
2015), as illustrated in Figure 2.4. The grillage superstructure model consists of longitudinal and 
transverse elastic beam elements. The elastic beam elements were laid out in a grid pattern 
and the members were rigidly connected to each other at the nodes. The longitudinal beam 
elements were used to model the composite behavior of girders with associated concrete slabs 
connected to the girder top ﬂanges. The properties of the longitudinal beam elements were 
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determined using composite sectional properties of girders with associate concrete slab. In the 
transverse direction, elastic beam elements were used to model the concrete slab and 
diaphragms between the girders. The sectional properties of the beam elements modeling the 
concrete slab were determined based on the tributary slab area, the slab thickness [21.0 cm 
(8.25 in.)], and the elastic modulus of the concrete material. The diaphragm using C-or MC-
shaped structural steel was modeled using a transverse beam element whose elastic stiﬀness 
was determined based on the sectional properties of the corresponding steel shape. Stiﬀness 
properties of the cross-frame in 4S bridges were determined using an equivalent beam 
approach introduced by AASHTO/NSBA Steel Bridge Collaboration (2014). In this approach, the 
cross-frame is simpliﬁed into an equivalent Euler-Bernoulli beam.  
 
Figure 2.6: Schematic of grillage superstructure model. 
2.2.2 Bridge Substructure Model 
The multi-column RC intermediate piers were modeled using a combination of linear elastic and 
nonlinear inelastic beam elements, as illustrated in Figure 2.5a. While the pier cap and pile cap 
are modeled elastically, the circular pier columns standing between the pier and pile caps are 
modeled using nonlinear beam elements with distributed plasticity (Neuenhofer & Filippou, 
1997). Each pier column was discretized into ten such nonlinear beam elements of equal length, 
and each element had three integration points for Legendre-Gauss quadrature. At each 
integration point, a fiber-discretized RC section was utilized to determine the element stiffness 
matrix, considering the nonlinear constitutive relation of concrete and steel materials under 
combined axial and flexural loads. Figure 2.5b illustrates the mesh of the RC section. Fibers of 
three types of materials were used for modeling the unconfined concrete cover, confined 
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concrete core, and vertical reinforcing steel. Constitutive properties of the confined concrete 
core were determined using the model proposed by Mander et al. (1988), per Article 8.8.4 of 
the AASHTO specification (AASHTO, 2011). While the axial and flexural stiffness’s of the column 
were captured by the fiber-discretized sections, shear stiffness of the column section was 
determined as 0.8GcAg, where Gc is the shear modulus of concrete and Ag is the gross cross-
sectional area of the column, per Article 8.6.2 of the same AASHTO specification. Per Article 
5.6.5 of the same specification (AASHTO, 2011), the effective torsional moment of inertia of the 
column cross-section was determined as 0.2Jg, where Jg is the gross torsional moment of inertia 
of the column cross-section. More details about the intermediate pier model can be found in 
Luo et al. (2017a,b). 
 
(a). Model for intermediate pier substructure 
 
(b). Fiber-discretized section of RC pier columns 
Figure 2.7: Computational model of multi-column intermediate pier. 
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2.2.3 Bridge Foundation Model  
Steel H piles supporting the abutments and piers were also modeled using nonlinear fiber beam 
elements with distributed plasticity (Neuenhofer & Filippou, 1997), to capture their nonlinear 
material behavior. The number and size of the elements were determined to have at least five 
elements for the top pile portion (of ten diameters) and at least five elements for the rest of 
the pile, as recommended by Kornkasem et al. (2001).  
Figure 2.6 shows the two actual foundation soil profiles used to model the substructure 
foundations. The two profiles were selected as the softest and hardest from a pool consisting of 
20 sets of geotechnical boring logs for bridge construction projects in the southernmost 10 
counties in Illinois, which possess the highest seismicity of the entire state. In the two selected 
soil profiles, the portion between the ground surface and a depth of 14.6 m (48 ft) was 
considered, as it was assumed that the steel H piles of the prototype bridges were driven to 
bedrock at this depth. These two soil profiles will hereafter be referred to as the “soft 
foundation soil condition” and “hard foundation soil condition.” Through static lateral analyses 
performed on the pier and abutment pile foundation models, it was found for both soil profiles 
that even if a large lateral deflection occurred at the pile cap level, the pile deflection at a depth 
greater than 6.1 m (20 ft) was nearly zero. Therefore, to reduce the number of pile elements in 
the model and save computational costs, the pile bodies were cut off at the fixity depth of 6.1 
m (20 ft) and a pinned boundary condition was imposed at the pile end at that depth. 
Interactions between the pile body and surrounding soil were modeled with the beam on a 
nonlinear Winkler foundation method that is a widely used modeling strategy for pile 
foundations under axial and lateral loads (Matlock et al., 1978; Novak and Sheta, 1980; Nogami 
et al., 1992). At each node between two pile elements, a nonlinear p-y spring and a nonlinear t-
z spring developed by Boulanger et al. (1999) for use in OpenSees were employed to simulate 
lateral soil resistance to the pile and vertical skin friction between the pile and surrounding soil, 
respectively. The backbone curves of the p-y springs for soft clay and sand approximate the 
analytical models proposed by Matlock (1970) and API (1987), respectively. For stiff clay, the p-
y spring in OpenSees developed by Boulanger et al. (1999) was modified to approximate the 
analytical backbone curve proposed by Reese and Van Impe (2011). 
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Figure 2.8: Soft and hard foundation soil profiles for modeling bridge pile foundations. 
Figure 2.7a shows the ﬁber-discretized pile section at each integration point of the nonlinear 
beam element. Through static analyses performed on the pier and abutment pile foundations, 
it was found that even if a large lateral deﬂection occurred at the pile cap level, the pile 
deﬂection at the depth of 6.1 m (20 ft) was nearly zero. Therefore, to reduce the number of pile 
elements included in the model and save computational costs, the pile bodies were cut oﬀ at 
the ﬁxity depth of 6.1 m (20 ft) and a ﬁxed boundary condition was imposed at this depth. The 
pile bodies beyond this ﬁxity depth were neglected in the foundation model. Interactions 
between the pile body and surrounding soil were modeled using the beam on a nonlinear 
Winkler foundation method that is a widely used modeling strategy for pile foundation under 
axial and lateral loads (Matlock et al. 1978; Novak and Sheta 1980; Nogami et al. 1992). At each 
node between two pile elements, a nonlinear p-y spring and a nonlinear t-z spring developed by 
Boulanger et al. (1999) for use in OpenSees were employed to simulate the lateral soil 
resistance to the pile and the vertical skin friction between the pile and surrounding soil, 
respectively. A schematic of the pile model with nonlinear springs is shown in Figure 2.7b. The 
backbone curves of the p-y springs for soft clay and sand approximate the analytical models 
proposed by Matlock (1970) and API (1987), respectively. For stiﬀ clay, the p-y spring developed 
by Boulanger et al. (1999) was modiﬁed to approximate the analytical backbone curve 
proposed by Reese and Van Impe (2011).  
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(a) (b) 
Figure 2.9: (a) Fiber discretized section of foundation piles, (b) schematic of pile model with p-
y and t-z springs. 
2.2.4 Bridge Superstructure-Substructure Connection Model  
Non-seismically designed elastomeric expansion bearings, transverse bearing retainers, low-
proﬁle steel ﬁxed bearings, and steel dowel connections are employed in the quasi-isolated 
bridges as sacriﬁcial superstructure-substructure connections. In the last phase of the research 
project, numerical models for these components were developed on the basis of 
experimentally measured response characteristics. The conﬁgurations, experimental behaviors, 
and computational models of these components are brieﬂy reviewed below and more details 
can be found elsewhere (Filipov et al. 2013a,b; LaFave et al. 2013a,b; Steelman et al. 2013, 
2014, 2016).  
Figure 2.8a shows the conﬁguration of IDOT Type I elastomeric expansion bearings (IDOT 
2012a) placed at the abutments and expansion piers of quasi-isolated bridges. Figure 2.8b 
illustrates the computational model for the shear and sliding behavior of the steel shim 
reinforced bearing elastomer. The bearing elastomer is directly placed on top of the concrete 
substructure. When the bridge is subjected to seismic demands, the bearing elastomer may 
experience shear deformation and subsequent sliding on the substructure. Shear and stick-slip 
sliding behavior of the elastomer was simulated using a coupled bi-directional stick-slip friction 
model (Filipov et al. 2013a). In this model, the initial static coeﬃcient of friction of µI = 0.6 and 
the kinematic coeﬃcient of friction of µK = 0.45 were used to model the initial static and 
kinematic friction between the elastomer and concrete substructure. The coeﬃcients of friction 
were determined through experimental tests on full-scale bearing specimens (Steelman et al. 
2013). The shear stiﬀness of the elastomer (the slope in Figure 2.8b) was estimated as the 
material shear modulus multiplied by the plan area of the elastomer and then divided by the 
thickness of the elastomer (Filipov et al. 2013a). A shear modulus of 586 kPa (85 psi) was 
determined by experimental tests (Steelman et al. 2013).  
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(a) (b) 
Figure 2.10: (a) Configuration and (b) computational model of IDOT Type I elastomeric 
expansion bearings employed in quasi-isolated bridges (IDOT 2012a; Filipov et al. 2013a; 
LaFave et al. 2013b; Steelman et al. 2013). 
While shear and sliding of the elastomeric bearing in the longitudinal bridge direction is only 
restrained by elastomer-concrete interface friction, a pair of bearing retainers is placed on the 
two transverse sides of each elastomeric expansion bearing to restrain its shear deformation 
and sliding in the transverse bridge direction, in conjunction with the elastomer-concrete 
friction at the bearing bottom. Figure 2.9a shows the conﬁguration of the bearing retainers. A 
steel anchor bolt secures each single retainer into the concrete substructure. 
The IDOT Bridge Manual (IDOT 2012a) provides a method for nominally proportioning the 
anchor bolts of bearing retainers. The retainer anchors of the prototype bridges were 
proportioned on the basis of the IDOT Bridge Manual method. The IDOT Bridge Manual also 
provides a number of available options for the anchor diameter (0.625 in., 0.75 in., 1.0 in., 1.25 
in., 1.5 in., 2 in., and 2.5 in.). 3C bridges use one A36 grade 1 in. diameter anchor bolt per 
retainer, 4S and 3C use one A36 grade 1.25 in. diameter anchor bolt per retainer, and 4C 
bridges use one A36 grade 1.5 in. diameter anchor bolt per retainer. 
The experimentally measured retainer anchor behavior, when subjected to seismic demands, 
was simulated using a uni-directional elasto-plastic computational model that considers the 
initial gap, yielding, strain hardening, and ultimate rupture responses (Filipov et al. 2013a). 
Figure 2.9b schematically illustrates the computational model. In this model, the expected 
ultimate and yielding capacities of a single retainer anchor bolt, Ru and Ry, were determined 
using the nominal cross-sectional area of the anchor bolt and the ultimate tensile strength of 
the anchor bolt material. The behavior was calibrated against experimentally measured 
retainer anchor response data (Filipov et al. 2013b; LaFave et al. 2013a,b).  
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(a) (b) 
Figure 2.11: (a) Configuration and (b) computational model of transverse bearing retainers 
employed in quasi-isolated bridges (IDOT 2012a; Filipov et al. 2013a; LaFave et al. 2013b; 
Steelman et al. 2013). 
For the quasi-isolated bridges with steel-plate girders, IDOT low-proﬁle steel ﬁxed bearings 
(IDOT 2012a) are typically installed on one intermediate pier (the so-called “ﬁxed pier”) to 
compensate for the ﬂexibility of the elastomeric expansion bearings and resist superstructure 
motions caused by vehicle braking forces. Figure 2.10a shows the conﬁguration of the low-
proﬁle steel ﬁxed bearing. The bottom steel plate of the bearing is secured into the supporting 
concrete substructure by anchor bolts. An elastomeric neoprene leveling pad is placed between 
the bearing bottom plate and the top surface of the concrete substructure. The top steel plate 
is mated to the bottom plate via two steel pintles. 
By inspection of the plans of many recently constructed quasi-isolated highway bridges in 
Illinois, it was found that the speciﬁed nominal fusing capacity of low-proﬁle steel ﬁxed bearing 
anchors, namely 20% of the superstructure dead load on the bearing, is typically over-designed. 
A primary potential reason for this design trend in practice may be that bridge designers tend 
to regard the speciﬁed fusing capacity as a minimum requirement and use larger or more 
anchor bolts for conservatism. A secondary potential reason is that a fusing capacity in the 
close vicinity of 20% of the dead load on the bearing is not always available in actual design due 
to the limited options for anchor diameters. In this situation, bridge designers may round the 
anchor diameter up to the nearest available size and result in over-designed nominal fusing 
capacity. In the prototype bridges, this trend of over-designed ﬁxed bearing anchors has been 
considered. The 3S bridges use two A36 grade 1.5 in. diameter steel anchor bolts per girder line 
while the 4S bridges use four A36 grade 1.25 in. diameter steel anchor bolts per girder line. 
Through full-scale experimental studies, it was found that a properly proportioned steel ﬁxed 
bearing can achieve predictable and reliable behavior of anchor rupture and subsequent sliding, 
when subjected to seismic demands (Steelman et al. 2014). Shear behavior of the anchor bolts 
was simulated using a coupled bi-directional model possessing a similar elasto-plastic behavior 
to the model for retainer anchors (Filipov et al. 2013b; LaFave et al. 2013b), as shown in Figure 
2.10b. The behavior was validated by experimentally measured steel-ﬁxed bearing response 
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data (Filipov et al. 2013b; Steelman et al. 2014). Additionally, the interface friction between the 
bearing bottom plate and elastomeric leveling pad was simulated using the same model as the 
elastomeric expansion bearings, but with diﬀerent coeﬃcients of friction (µI = µK = 0.30).  
 
  
(a) (b) 
Figure 2.12: (a) Configuration and (b) computational model of low-profile steel fixed bearings 
employed in quasi-isolated bridges (IDOT 2012a; Filipov et al. 2013b; LaFave et al. 2013b; 
Steelman et al. 2014). 
Diﬀerent from the steel-plate-girder bridges, the prototype PPC-girder bridges employ steel 
dowel connections between superstructures and ﬁxed piers. #8 (U.S.) steel dowel bars with a 
nominal diameter of 25.4 mm (1.0 in.) are used to connect the pier cap to the diaphragm and 
PPC girder bottom ﬂanges. On each face of the pier between two adjacent girders, the 
minimum required number of dowel bars, denoted by N, is given by the following equation  
 
1 0.2 2 2
2 28.3
DLN
S
 = − ≥  
 (2.1) 
where DL is the sum of all superstructure dead loads at the given pier under consideration in 
kips; S is the number of beam spaces. Except for the N dowel bars on each face between two 
adjacent girders, additional dowels are placed at each girder line to connect the girder bottom 
ﬂange to the pier cap (one bar for each exterior girder and two bars for each interior girder). In 
additional to the dowels, a 12.5-mm (0.5-in.)-thick layer of preformed joint ﬁller is placed 
between the PPC girder bottom and concrete pier cap.  
Like the steel ﬁxed bearing anchors, the steel dowel bars embedded in concrete tend to be 
subjected to shear forces during seismic events and friction tends to develop between the 
preformed joint ﬁller and concrete. Due to these similarities and a lack of experimental data on 
these steel dowel connections, they were simulated using the same computational models as 
the low-proﬁle steel ﬁxed bearings, but with diﬀerent parameters to account for the number 
and size of the steel dowels.  
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2.2.5 Seat-Type Bridge Abutment Components 
Seat-type abutments are also commonly used in quasi-isolated highway bridges in the state of 
Illinois, besides integral abutments and semi-integral abutments. Figure 2.11 depicts the 
sectional view of a typical non-skew seat-type bridge abutment in Illinois. Skew seat-type 
abutments have similar conﬁgurations to the non-skew one, except that the approach slab is 
skewed, and the two pieces of wingwalls are not perpendicular to the backwall and pile cap. A 
primary feature that distinguishes seat-type bridge abutments from integral and semi-integral 
abutments is that an expansion joint is set between the abutment backwall and adjacent 
superstructure end to accommodate thermally induced bridge deformation by separating the 
superstructure from abutments.  
 
Figure 2.13: A typical seat-type bridge abutment for quasi-isolated highway bridges in Illinois 
(IDOT 2012a). 
During major earthquakes, a critical response characteristic of quasi-isolated bridges with seat-
type abutments is the sliding of superstructures on supporting substructures after suﬃcient 
fusing of the sacriﬁcial superstructure-substructure connections. In this situation, bridge 
superstructures may act somewhat as “ﬂoating bridges” with only limited frictional resistance 
at the superstructure-substructure interface (Steelman et al. 2014). The superstructure sliding 
that is only weakly restrained by the friction may result in signiﬁcant dynamic interactions 
between deck ends and seat-type abutments. Displacements of bridge superstructures are 
limited by the abutments to varying degrees, while the abutments are in turn subjected to 
impact forces from superstructures. The impact of superstructure ends will cause force and 
deformation demands on the abutment and its foundation buried in the embankment. To 
reasonably model bridge seismic response, the superstructure-abutment-foundation 
interaction (SAFI) needs to be taken into account in the computational bridge model.  
The abutment model incorporates a few structural components and geotechnical mechanisms 
that are critical to capture the seismic SAFIs. Figure 2.12 illustrates the nonlinear ﬁnite-element 
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model of the typical seat-type abutment shown in Figure 2.11. Several critical structural 
connections and geotechnical mechanisms were modeled using nonlinear springs. In addition, 
elastic beam elements were used to model some reinforced concrete members, including the 
pier cap, backwall body, wingwalls, and approach slab. For these massive concrete members, 
seismic damage is most likely to occur only at their joints and connections, rather than 
anywhere else along their length. Thus, for the sake of saving computational cost, elastic beam 
elements were used to model these members, in lieu of nonlinear beam elements. To capture 
the nonlinear material response of steel piles, nonlinear beam elements with ﬁber-discretized 
sections were employed. The following sections introduce the modeling approaches for the pile 
foundation, expansion joint, backwall, backwall-wingwall connection, backﬁll passive 
resistance, wingwall, and pile cap.  
 
Figure 2.14: A 3-D finite-element model for the typical seat-type bridge abutment shown in 
Figure 2.11. 
2.2.5.1 Abutment Pile Foundation Model  
The abutments of diﬀerent bridge variants diﬀer in the layout of foundation piles, due to 
diﬀerent dead and live gravity loads from the superstructures, as well as diﬀerent pile cap 
lengths of bridges with various skews. For bridges with a skew angle of α, the length of the 
abutment pile cap is increased by a factor of 1
cosα
 as compared to non-skew bridges, as 
illustrated in Figure 2.13. In this situation, to meet the maximum pile spacing of 2.43 m (8.0 ft) 
speciﬁed by IDOT (2012a), more piles may be needed for skew abutments than for non-skew 
abutments.  
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Figure 2.15: Pile cap length of non-skew and skew abutments. 
Batter piles with a slope of 152.4 mm (6 in.) of vertical rise for every 25.4 mm (1 in.) of 
horizontal run are placed in the front row (the row near the deck end). The angle of batter (the 
angle made by the batter pile with the vertical) is 9.5o. The direction of the batter is to the deck 
end. Vertical piles are placed in the back row (the row near the embankment). In addition to 
these two rows, a single pile supports the end of each piece of wingwall. Table 2.4 indicates the 
pile number and spacing at the abutments of various prototype bridges. Similar to the pile 
layout at intermediate piers, the abutment piles are also widely spaced (spacing is greater than 
four times of pile width). Thus, pile group eﬀect was not considered in the model. The soil 
proﬁle and modeling approach for vertical abutment piles are the same as those for the pier 
piles, which were introduced earlier. 
Table 2.10: Pile Number and Spacing at an Abutment 
 
Under seismic excitations, the abutment batter piles may act as both in-batter and out-batter 
piles, due to the cyclic seismic forces. However, the dominant longitudinal seismic force 
demand on the abutment piles results from the impact of superstructure ends on the 
abutments. In this loading scenario, the abutment batter piles behave as in-batter piles. Studies 
for the behavior of batter piles under lateral loads have been sparse in literature. Kubo (1964) 
proposed values of p-multipliers for modifying the p−y curves of piles with various batter 
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angles, based on experimental results. For the in-batter abutment piles in this study (θ = −9.5o), 
a p-multiplier of 1.2 was proposed by Kubo (1964). However, the experimental results of 
Awoshika and Reese (1971) demonstrated that there is little diﬀerence between the behavior 
of a vertical pile and an in-batter pile under later loads, which essentially implies a p-multiplier 
of unity. Considering both studies, a p-multiplier of 1.1 was employed to modify the p−y springs 
of abutment batter piles. In the abutment model, the ultimate lateral resisting force of the p−y 
springs connected to the batter piles, denoted as pult, was multiplied by 1.1. Then, the amplified 
ultimate lateral resisting force, 1.1pult, is plugged in to the nonlinear formula for determining 
the p-y curve. Plugging 1.1pult into the formula results in 10% more soil resistance, than that of 
the p-y curve determined with pult, at any compressive deformation up to the ultimate value. 
More details regarding the p-multiplier can be found in Reese and Van Impe (2011). 
Under generic cyclic loads, the batter piles may switch between in-batter and out-batter 
conditions. Ideally, the p-y spring for batter piles should have unsymmetrical behavior for the 
two conditions. However, the p-y spring elements used in the model only support symmetrical 
behavior. Under earthquakes in the longitudinal direction, the most significant lateral force 
demand on the abutment piles comes from the pounding between the deck end and abutment 
backwall. In this situation, the abutment is pushed by the bridge deck, and the abutment piles 
therefore work as in-batter piles. In contrast, when the deck moves away from the abutment, 
the abutment piles work as out-batter piles, but the pulling force on the abutment foundation 
is capped by bearing friction capacity, which could be much smaller than the pounding force 
between the deck and abutment backwall. Considering that the piles in the in-batter state 
could be subjected to much larger force than in the out-batter state, the p-y multiplier is 
determined for the in-batter state and then also used for the out-batter state. Except for this p-
multiplier, the abutment batter piles were modeled using the same approach as the pier piles, 
which were introduced earlier. 
2.2.5.2 Expansion Joint Model  
In the typical seat-type bridge abutment, an expansion joint is conﬁgured between the backwall 
and the adjacent superstructure end to accommodate thermally induced bridge deformation by 
separating the superstructure and abutment and allowing relative displacements between the 
two. The joint opening width, W, is normal to the joint edge. The IDOT Bridge Manual (IDOT 
2012a) speciﬁes the design value of W. 
In the abutment model, a few gap-spring elements were employed to simulate the 
instantaneous gap opening/closing, contact, and release at each step of a static or dynamic 
analysis. These elements are labeled as component No. 1 in Figure 2.12. The force-deformation 
relation of the gap-spring element is shown in Figure 2.14. When the element is subjected to 
tension or compressive deformation smaller than the joint opening width W, the element does 
not provide any resisting force and has a zero stiﬀness. When the compressive deformation 
exceeds the joint opening width W, the element becomes very stiﬀ to simulate the hard contact 
between the deck end and abutment backwall. In the abutment model that is illustrated in 
Figure 2.12, the gap-spring elements were placed at the girder line and parapet locations. The 
elements were oriented normal to the edge of the expansion joint.  
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Figure 2.16: Force-deformation relation of gap-spring elements modeling expansion joints. 
The RC backwall is connected to the pile cap by two rows of #5 (U.S.) reinforcing steel (15.8-mm 
diameter) with a 0.3-m (1-ft) spacing along the wall. The reinforcing steel is provided as the 
shrinkage and temperature reinforcement in concrete walls speciﬁed by AASHTO (2010). As 
shown in Figure 2.11, the thickness of the backwall is 0.61 m (2 ft), which is a standard practice 
in the state of Illinois (IDOT 2012a).  
When the bridge is subjected to longitudinal seismic demands, the backwall that is engaged by 
the bridge superstructure is subjected to out-of-plane forces. In the abutment model, the 
backwall was modeled as a cantilever wall whose bottom is connected to the pile cap through 
an elasto-plastic hinge. To obtain the moment-curvature relation of the backwall section, a 
sectional analysis was conducted using SAP2000. Based on the obtained moment-curvature 
relation, an equivalent plastic hinge method proposed by Abo-Shadi et al. (2000) for modeling 
out-of-plane bending behavior of RC walls was employed to determine the moment-rotation 
relation of backwall bottom. For the non-skew prototype bridges, the computed moment-
rotation relation of backwall bottom is shown in Figure 2.15. For skew prototype bridges the 
abutment backwall is elongated by a factor of 1
cosα
, where α is the bridge skew angle. Thus, 
for a skew prototype bridge, the moment-rotation relation of the backwall bottom hinge was 
obtained through multiplying the hinge moment of the equivalent non-skew bridge shown in 
Figure 2.15 by a factor of 1
cosα
. In the ﬁnite-element abutment model, the moment-rotation 
relation shown in Figure 2.15 was distributed into several rotational nonlinear springs at the 
backwall bottom, one the basis of tributary wall width of each spring. These springs are labeled 
as component No. 5 in the ﬁnite-element abutment model shown in Figure 2.12. The backwall 
body was modeled using elastic beam elements. The estimated shear capacity of the concrete 
backwall body is higher than the shear demand that is required to cause ﬂexural failure of the 
wall-bottom hinge. Thus, shear failure of the backwall body was not explicitly modeled.  
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Figure 2.17: Moment-rotation relation of backwall bottom. 
2.2.5.3 Backwall-Wingwall Connection Model 
In the typical seat-type bridge abutment, pairs of bent steel dowel bars are typically embedded 
in the concrete at the junction between a backwall and a wingwall, crossing the construction 
joint between the two (IDOT 2012a). The conﬁguration of these steel dowel bars can be found 
in Luo et al. (2017a). The purpose of these connections is to strengthen the construction joint 
between the backwall and wingwall and maintain the integrity of the abutment. During 
earthquake events, the backwall-wingwall connections help resist the out-of-plane bending 
response of the abutment back-wall, in conjunction with the backwall-to-pile-cap connections 
at the wall bottom, which was introduced earlier. In return, the backwall-wingwall connections 
will be subjected to shear demands from the superstructure-abutment interactions. 
The shear force-deformation relation of each pair of steel dowel bars was estimated using an 
analytical model proposed by Vintzeleou and Tassios (1986). Calibrated by full-scale 
experimental results, the analytical model was proposed for predicting the shear force-
deformation behavior of steel dowel bars embedded in concrete when subjected to interface 
shear. The idealized shear force-deformation relation of one pair of steel dowel bars is shown in 
Figure 2.16. In the abutment model shown in Figure 2.12, a nonlinear spring was used to 
simulate each pair of dowel bars connecting the backwall and wingwall, labeled as component 
No. 6. The shear force-deformation relation shown in Figure 2.16 was assigned to each 
nonlinear spring. The dowel model shown in Figure 2.16 has symmetrical force-deformation 
behavior in two opposite directions, which simulates the full cyclic dowel behavior. However, 
the dowels are basically only loaded in half cycles when the backwall is pushed by the deck 
under earthquakes in the longitudinal direction. The dowel model shown in Figure 2.16 
supports cyclic response with both full and half loading cycles; the backbone curve for full and 
half loading cycles remains the same. 
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Figure 2.18: Idealized shear force-deformation relation of one pair of steel dowel bars 
connecting the abutment backwall and wingwall (Vintzeleou and Tassios 1986). 
2.2.5.4 Backﬁll Passive Resistance Model  
When the bridge is subjected to seismic demands, suﬃciently large superstructure 
displacement in the longitudinal direction can cause closure of the expansion joint and 
engagement between the superstructure and abutment backwall. In this situation, the backwall 
is pushed against the backﬁll and embankment soil by the superstructure. As a result, passive 
resistance from the backﬁll and embankment soil is mobilized and acts as a major resistance to 
the displacement of the abutment and superstructure, in addition to the resistance of 
abutment foundation.  
The force-displacement relation of the passive soil resistance behind the backwall was 
determined using an experimentally validated model proposed by Shamsabadi et al. (2005, 
2007). This model was developed based on the limit-equilibrium logarithmic-spiral surface, 
method of slices, and hyperbolic stress-strain behavior of soils (Terzaghi et al. 1996; Shields and 
Tolunay 1973). As claimed by Shamsabadi et al. (2005, 2007), the passive force-displacement 
response of cohesive and cohesionless backﬁll soils predicted by this model is in good 
agreement with small-and full-scale experimental test results.  
For the prototype bridges, as shown in Figure 2.11 and Figure 2.17, a nearly isosceles right 
triangular region of porous granular material is placed adjacent to the abutment backwall and 
pile cap. Figure 2.17 illustrates a typical logarithmic-spiral soil failure surface in passive 
conditions (Terzaghi et al. 1996). Stewart et al. (2007) and Bozorgzadeh et al. (2008) performed 
large-scale experimental tests on the passive response of bridge abutment backﬁll and found 
that the length of the passive soil failure wedge, labeled as Lwedge in Figure 2.17, was usually 
greater than twice the height of the soil wedge, Hwedge labeled in Figure 2.17. For the prototype 
bridge abutment, this wedge shape means that the soil failure surface tends to develop in the 
embankment soil outside the porous granular material, as shown in Figure 2.17. The 
embankment soil was assumed to be compacted clean sand, as compaction of road 
embankment soil is required by the Standard Speciﬁcations for Road and Bridge Construction of 
IDOT (2012b). The soil properties for compacted clean sand (Rollins et al. 2010a; Shamsabadi et 
al. 2007) were used in determining the backwall passive resistance. 
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In addition to the soil properties, the other critical factor for determining backﬁll passive 
resistance is the backwall and pile cap height. The backwall height, labeled as Hw in Figure 2.17, 
is the summation of the girder depth and bearing height, and varies in diﬀerent major bridge 
types. The abutment pile cap height, labeled as Hp in Figure 2.17, remains the same for bridges 
of diﬀerent major types. Table 2.5 summarizes Hw and Hp for the four major bridge types. The 
summation of Hw and Hp was regarded as the height of the passive soil wedge, Hwedge, for 
computing the backﬁll passive resistance. 
For the non-skew prototype bridges, the computed force P versus backwall top displacement D 
of backﬁll passive resistance is shown in Figure 2.18. The ascending branch of the backbone 
curves exhibits a hyperbolic shape and is ﬂattened after the ultimate passive capacity is 
reached. The unloading/reloading response was assumed to be linear based on the 
experimental results of Stewart et al. (2007). The force-displacement relation, P(D), shown in 
Figure 2.18 was then distributed to the backwall and pile cap based on a triangular soil pressure 
distribution and a trapezoidal one (Terzaghi et al. 1996). The resistance on the backwall, PBW, 
and that on the pile cap, PPC, were further distributed into a number of nonlinear springs in the 
abutment model, on the basis of tributary backwall width of each spring. The springs for PBW 
and PPC are labeled as components No. 2 and 3 in Figure 2.12.  
 
Figure 2.19: Logarithmic-spiral soil failure surface in passive conditions (Terzaghi et al. 1996). 
Table 2.11: Height of Abutment Backwall and Pile Cap Defined in Figure 2.11 and Figure 2.17 
 
 
30 
 
Figure 2.20: Passive resistance of abutment backfill of non-skew prototype bridges. 
The backﬁll passive resistance normal to the backwall of a skew abutment, Pskew, was computed using 
the backﬁll resistance P of a counterpart non-skew abutment with the same width Wa. Marsh (2013) 
investigated backﬁll passive resistance of skew abutments through large-scale experimental tests, and 
proposed the following equations:  
 Pskew = R(θ)P  (2.3a)  
R(θ) = 8 × 10
−5
θ
2 
− 0.0181θ + 1                                            (2.3b) 
where Pskew and P are the ultimate passive resistance of skew and non-skew abutments, and θ 
is the bridge skew angle in degree. The R factor deﬁned in Equation (2.3) is plotted in Figure 
2.19. The R factor of skew bridges is always smaller than unity, which means that the ultimate 
backﬁll passive resistance of a skew abutment is smaller than that of the counterpart non-skew 
abutment. For the prototype skew bridges, the passive resistance P of non-skew bridges shown 
in Figure 2.18 was multiplied by the R factor deﬁned in Equation (2.3). Additionally, in the ﬁnite-
element model of skew abutments, the nonlinear springs for backﬁll passive resistance 
(components No. 2 and 3 in Figure 2.12) were oriented normal to the abutment backwall and 
pile cap.  
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Figure 2.21: Reduction factor R for backfill passive resistance of skew abutments (Marsh 
2013). 
2.2.5.5 Wingwall Model  
The backﬁll/embankment passive resistance applied to the abutment wingwalls was modeled 
using the same approach as that applied to the backwall. The nonlinear springs for passive soil 
resistance on wingwalls are labeled as component No. 4 in the abutment model shown in 
Figure 2.12. For many bridge embankments in Illinois, the top width of the embankment is close 
to the abutment width and there is not suﬃcient soil outside the two wingwalls for developing 
a passive soil failure wedge. Thus, the passive resistance from the soil enclosed by the 
abutment was considered, but that from the soil outside the wingwalls was neglected. This 
means that the nonlinear springs for passive soil resistance to wingwalls, labeled as component 
No. 4 in Figure 2.12, can only subjected to compression.  
2.2.5.6 Approach Slab Model  
As shown in Figure 2.11, a concrete approach slab is connected to the top of abutment 
backwall. In the prototype bridges, the length of the approach slab is typically 9.14 m (30 ft), 
the width is 12.19 m (40 ft), and the thickness is 0.38 m (1.25 ft). The weight of an approach 
slab is around 1,000 kN (225 kips). In order not to neglect this large amount of mass in the 
bridge seismic analysis, the approach slab was included in the abutment model. As shown in 
Figure 2.12, the slab body is modeled using a grid of elastic beam elements. The total slab mass 
was distributed into a number of nodal masses lumped to the boundary nodes of the beam 
elements.  
2.2.5.7 Global Validation of Bridge Model  
So far, large-scale shake-table tests on the seismic performance of full quasi-isolated bridges 
have not been conducted. A global validation of the ﬁnite-element bridge model could only be 
available after large-to full-scale shake-table tests are performed on quasi-isolated bridges. 
Although large-scale shake-table tests on other types of highway bridges have been very 
sparsely reported in the literature (e.g. Cruz-Noguez and Saiidi 2010), these test results cannot 
provide a reliable and comprehensive validation of the quasi-isolated bridge model, due to the 
inherent diﬀerences between the diﬀerent types of bridges.  
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Alternatively, seismic response data collected from ﬁeld-instrumented quasi-isolated bridges 
during real earthquakes would also be used for global validation of the quasi-isolated bridge 
model. However, such data has not been collected in the current stage. Although seismic 
response data has been collected for a few instrumented bridges during historical earthquakes 
(e.g. Zhang and Makris 2002), the ability of this data to validate the quasi-isolated bridge model 
is very limited, due to the inherent diﬀerences between the instrumented bridges and quasi-
isolated bridges.  
Although a global model validation is not available in the current state due to the lack of shake-
table and ﬁeld test data on quasi-isolated bridges, numerical models of many of the critical 
bridge components have been validated either by the author or the developer of the 
component models that were employed in the global bridge model. 
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CHAPTER 3: NONLINEAR DYNAMIC ANALYSIS DETAILS 
3.1 SEISMIC PERFORMANCE ASSESSMENT PROCEDURE 
To provide a comprehensive and extensive assessment of the seismic performance of the 
prototype quasi-isolated bridges, each of the 80 bridge variants was subjected to a suite of 20 
earthquake ground motion time histories applied in the four horizontal incident directions. This 
led to 1,600 nonlinear dynamic analyses for each of the four major bridge types and 6,400 
analyses in total for all the bridges.  
In the nonlinear dynamic analyses, stiﬀness-proportional viscous damping was employed. At 
each step of a dynamic analysis, the viscous damping matrix is constructed using the tangential 
global stiﬀness matrix. This was multiplied by a constant coeﬃcient that was determined by 
using a targeted viscous damping ratio for the fundamental mode of 5% and the initial elastic 
fundamental period of the bridge. Pant et al. (2013) concluded that the stiﬀness-proportional 
damping with a constant coeﬃcient determined using the frequency of the entire base-isolated 
building rather than the superstructure alone provides a reasonable estimate of the peak 
structural response. The use of tangential-stiﬀness-proportioned damping in nonlinear dynamic 
structural analyses was also recommended by Petrini et al. (2008) and Charney (2008), and, 
thus, it was adopted in this study.  
In the nonlinear dynamic analyses, the equations of motion were solved by the Trapezoidal 
Rule with the second-order Backward Diﬀerence Formula (TRBDF2) integration scheme 
proposed by Bathe (2007). It is a direct implicit time-integration scheme with second-order 
accuracy and unconditional stability. Diﬀerent from the Newmark-β and HHT-α schemes, this 
scheme has no parameter to choose or adjust by the analyst. A ﬁve-millisecond default time 
step size was used in the analyses. At each time step, the Krylov Subspace accelerated Newton 
algorithm proposed by (Scott and Fenves 2010) was employed as the default iterative algorithm 
for solving the nonlinear system of equations. Whenever convergence diﬃculties were 
encountered at a time step, alternative iterative algorithms (e.g., the Newton’s method with 
line search) and a smaller step size were relied upon to achieve convergence at this step. After 
the convergence was achieved, the default iterative algorithm and time step size were resumed 
in the next step.  
Considering the large number of nonlinear dynamic analyses to perform, the supercomputer 
“Stampede” at the Texas Advanced Computing Center (TACC), the University of Texas at Austin, 
was utilized to process the computational jobs in parallel. The multi-processor interpreter of 
OpenSees, OpenSeesMP (McKenna and Fenves 2008), was compiled and conﬁgured on 
Stampede for running analyses. Multiple computing nodes can be requested for one multi-
threaded job. In this study, each bridge variant was subjected to the suite of 20 ground motions 
applied in the four incident directions. Therefore, ﬁve computing nodes with 80 CPU cores in 
total were requested for one multi-threaded job in which all the 80 dynamic analyses of one 
bridge variant were included. 
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3.2 EARTHQUAKE GROUND MOTION TIME HISTORIES 
A suite of 20 site-specific earthquake accelerograms was employed for the nonlinear response-
history analyses performed on the bridge models. These accelerograms were developed by 
modifying historical bedrock motions recorded from other geographic regions to match the 
site-specific seismic hazard level at Cairo, Illinois. Located in the center of the New Madrid 
Seismic Zone, Cairo, possesses the highest seismicity in the entire state of Illinois. The 
accelerograms represent a seismic hazard level of 5% probability of exceedance in 50 years 
(1,000-year return period), as AASHTO has increased the specified return period for design 
earthquakes from 500 years to 1,000 years since 2008 (AASHTO, 2008b). The geotechnical site 
conditions at Cairo were also considered in development of the accelerograms. Figure 3.1 
shows the pseudo-acceleration response spectra. The peak ground acceleration of the 
accelerograms ranges from 0.26 g to 0.40 g. The procedure for developing the accelerograms 
has been reported in detail by Kozak et al. (2017). More information about the ground motions 
can be found in Appendix B and in LaFave et al. (2018). 
 
Figure 3.1: 5%-damping elastic pseudo-acceleration response spectra of seismic ground 
motions employed for nonlinear dynamic time-history analysis. 
In the nonlinear dynamic bridge analyses, the suite of 20 accelerograms was applied to each 
prototype bridge in four horizontal incident directions, namely the pure longitudinal (0°) and 
transverse (90°), as well as 45° and 135°, directions, as shown in Figure 3.2. The earthquake 
ground motions applied in four directions is an attempt to reduce the uncertainty of ground 
motion incident direction in the assessment program while still maintaining an affordable 
number of response-history analyses. By acting on the nodal masses of a finite-element bridge 
model, an accelerogram induces inertia forces to the bridge. It is important to note that the 
eﬀects of vertical ground acceleration are not included in the current study. 
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Figure 3.2: Four horizontal incident directions (0o, 45o, 90o, and 135o) of earthquake ground 
motion time histories for nonlinear dynamic bridge analyses. 
3.3 IDENTIFICATION OF COMPONENT LIMIT STATE OCCURRENCES 
Table 3.1 lists the limit states of critical bridge components that were monitored during 
analysis, which are used as measures indicating bridge seismic performance. Some of the limit 
states are desired fusing actions, such as the sliding of elastomeric bearings and the rupture of 
bearing anchors or dowel bars, while others represent component damage, such as the yielding 
of reinforcing steel and the crushing of concrete cover at pier column bases, as well as the 
unseating of bearings at substructures. As observed during post-earthquake reconnaissances 
(e.g. Yen et al. 2011), unseating of bearings can be a major cause of a global bridge collapse, 
and so it is regarded as an unacceptable damage limit state.  
In the response-history analysis, the unseating of bearings is not explicitly simulated, but rather 
it is identified by comparing maximum bearing sliding distance with the bearing seat width at 
the substructure during post-processing. Figure 2.2a illustrates abutment-normal and -parallel 
sliding directions toward unseating of the four exterior abutment bearings. The four deck 
corners supported by these bearings will be referred to as the “upper-left corner”, “lower-left 
corner”, “upper-right corner”, and “lower-right corner”, as shown in Figure 2.2. For both skew 
and non-skew bridges, the four exterior abutment bearings are subject to a higher risk of 
unseating than the other interior bearings at the abutments, due to a shorter seat width in the 
abutment-parallel direction. Sliding limits in the abutment-parallel and -normal directions are 
conservatively calculated assuming that unseating will occur as long as any part of the 
elastomer slides and reaches an abutment edge. Sliding limits in the abutment-parallel and -
normal directions are denoted as dp and dn, respectively, which are conservatively calculated 
assuming that unseating will occur as long as any part of the elastomer slides and reaches an 
abutment edge. Figure 3.3 shows schematic diagrams for calculating dp and dn. For the bearing 
support at an acute deck corner, dp and dn are calculated as follows (Luo et al. 2017b): 
36 
cos sin cos
2 2
e e
p e
W Ld N dα α α = + − − 
 
                            (3.1a)  
cos sin
2 2
e e
n e
W Ld N dα α = − − − 
 
                                     (3.1b) 
and for the bearing support at an obtuse deck corner, dp and dn are determined as follows: 
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where  
ed  = distance between bearing center and girder end; 
eL  = length of bearing elastomer; 
eW  = width of bearing elastomer; 
α  = bridge skew angle (°); 
N  = minimum seat width (in.) at a bridge substructure for a 1000-year seismic event, determined per 
IDOT Bridge Manual (IDOT 2012). 
 
Figure 3.3: Unseating of elastomeric bearings at deck corners: (a) acute deck corner; (b) 
obtuse deck corner. 
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Table 3.1: Fusing and Damage Limit States of Critical Bridge Components 
 
Damage to pier columns is classified into four levels based on the tensile strain of the vertical 
reinforcing steel and the compressive strain of unconfined concrete cover, both of which are 
measured at the column base. Table 3.2 shows the ranges of peak strain for these damage 
levels (Kowalsky 2001 and Revell 2013). 
Table 3.2: Classification of Pier Column Damage 
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CHAPTER 4: SEISMIC PERFORMANCE ASSESSMENT VIA 
NONLINEAR DYNAMIC ANALYSES 
Component limit states introduced in Chapter 3 were identified for each of the 6,400 analyses, 
and the occurrences of these limit states were statistically studied. In addition to limit states, 
peak values of some critical structural responses parameters were also recorded in each 
analysis, such as the tensile strain of reinforcing steel and the compressive strain of concrete 
cover at pier column bases, as well as the displacement and rotation of bridge superstructures. 
For a specific structural response, the median of the 20 peak values excited by the 20 individual 
ground motions applied in the same incident direction was employed to statistically measure 
the response amplitude, as shown in Eq. (4.1) 
( ) ( )
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median median max ;  
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u u t GM
=
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     (4.1b) 
where ( );  u t GM denotes the time series of a specific structural response, ( )u t , excited by a 
ground motion GM. The statistical measure determined by Eq. (4.1) is hereafter referred to as 
“median peak response”. Because each bridge model can be highly nonlinear and may sustain 
many damage and rupture events in an analysis, some of the peak responses in a data set can 
be significantly away from the other observations and are viewed as outliers. Therefore, the 
median was preferred over the mean in this study because the median is generally more robust 
against outliers than is the mean (Ryan 2006). To measure the statistical dispersion of response 
data, the median absolute deviation (MAD) was employed. As a robust statistic, the MAD is 
generally less sensitive to outliers than is the standard deviation (Sheskin 2011). The MAD of 
peak values of a structural response was calculated using Eq. (4.1b). 
4.1 OVERALL BRIDGE SEISMIC PERFORMANCE 
An overview of the analysis results reveals that the bridges exhibited two primary performance 
deficiencies that could potentially result in extensive seismic damage and even losses of bridge 
spans during a major earthquake. One deficiency is the unseating of abutment bearings of 
highly skewed bridges supported by tall piers, and the other is the damage to short pier 
columns of non-skew or lightly skewed bridges, especially the heavy 4C bridges. Except for 
these two primary deficiencies, occurrences of the other limit states are less likely to cause 
global bridge failure and are generally accepted by the quasi-isolation design strategy. More 
details of the bridge seismic response can be found in Appendix C. 
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4.2 SLIDING AND UNSEATING OF ELASTOMERIC BEARINGS 
The limit state of bearing unseating was identified by comparing the peak bearing sliding 
distance with the corresponding seat width at substructures. Figure 4.1 illustrates the peak 
sliding ratios of the four exterior abutment bearings supporting four deck corners. For each 
bearing, the peak sliding distance normalized to the corresponding abutment seat width in both 
the abutment-normal and abutment-parallel directions are recorded. For each of the 1,600 
analyses, peak bearing sliding distances in the two directions were plotted as a dot in the two-
dimensional figure. In 11 out of the 1,600 analyses, exterior abutment bearing unseating was 
observed, all of which occurred at 45°- and 60°-skew bridges supported by tall pier columns. 
Most of the unseating cases occurred at acute deck corners in the abutment-normal direction. 
The unseating of abutment bearings was not observed in any of the 3S bridge analyses, while it 
occurred in only 1 and 2 analyses of 4S and 3C bridges, respectively. Bearing unseating at 
intermediate piers was not observed in any analysis. 
 
Figure 4.1: Peak sliding ratios of elastomeric bearings at deck corners of 4C bridges. 
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4.3 FUSING PERFORMANCE OF SACRIFICIAL SUPERSTRUCTURE-SUBSTRUCTURE 
CONNECTIONS 
Table 4.1 statistically summarizes the fusing performance of steel fixed bearings (3S and 4S 
bridges) and the steel dowel connections (3C and 4C bridges) on top of fixed piers (Pier 2). For 
3S and 4S bridges, fusing of Pier 2 connections occurred only in 4.4% and 11.8% of the 1,600 
analyses for each basic bridge type, respectively. For 3C and 4C bridges, the percentage of 
occurrences is larger (19.3% and 32.7%) than that of 3S and 4S bridges. Relative contribution of 
each parametric variation to total occurrences was also studied. It was found that bridges with 
larger skews, short pier columns, and hard foundation soil sustained much more fusing of Pier 2 
connections than their equivalent bridges with small skews, tall pier columns, and soft 
foundation soil. For example, 100% of the fusing occurred at 3S bridges with 45°- and 60°-
skews; 89.9% of the fusing occurred at 4S bridges with hard foundation soil; 82.6% of the fusing 
occurred at 4C bridges supported by short pier columns. For each of the four basic bridge types, 
the rupturing of bearing retainer anchors was not observed in any analysis. 
Table 4.1: Fusing performance of Steel Fixed Bearings (3S and 4S bridges) and Steel Dowel 
Connections (3C and 4C bridges) on Top of Fixed Piers (Pier 2) 
 
Table 4.2 summarizes the fusing performance of bearing retainer anchors at the two 
abutments. A clear trend for all the four basic bridge types is that tall-pier bridges sustained 
significantly more fusing of abutment bearing retainers than their equivalent short-pier bridges. 
The fusing limit state occurred more at bridges with hard foundation soil than those with soft 
soil, but the difference is less significant than that between tall and short-pier bridges. The 
bridges with large skews experienced more bearing retainer fusing at abutments than those 
with small skews. 
Table 4.2: Fusing Performance of Bearing Retainer Anchors at Bridge Abutments 
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4.4 DAMAGE TO PIER COLUMNS 
Table 4.3 summarizes the pier column damage levels of each major bridge type. The column 
damage was classified in accordance with Table 3.2. The short pier columns of 4S and 4C 
bridges sustained moderate to severe damage. The short fixed-pier columns sustained more 
severe damage than the short expansion-pier columns. On the contrary, damage to the tall 
columns is similar at the fixed and expansion piers. In general, the three-span bridges sustained 
much less pier column damage than the four-span bridges. 
Table 4.3: Summary of Pier Column Damage 
 
4.5 OTHER LIMIT STATES 
The yielding of abutment piles was quite commonly observed for all the four basic bridge types. 
For 3S bridges, the yielding of abutment piles was observed in about 60% of the analyses, but 
this percentage increased to 80% and 90% for the other three types of bridges, as shown in 
Table 4.4. The yielding of pier piles was rarer than that of abutment piles, while the yielding of 
piles supporting expansion piers occurred less that of fixed-pier piles. Table 4.4 shows the 
occurrence percentage of pile yielding at intermediate piers. The piles supporting intermediate 
piers in the soft foundation soil were more susceptible to yielding than those in the hard soil, as 
shown in Table 4.6. At bridge abutments, closure of the expansion joint between the deck end 
and backwall was observed in over 90% of the analyses for each basic bridge type. In contrast, 
the failure of backwall-to-pile-cap connections and the mobilization of ultimate passive 
resistance for the backfill very rarely occurred in all the analyses. 
4.6 THE EFFECT OF SUPERSTRUCTURE SEISMIC MASS 
The mass of bridge superstructures played an important role in the bridge seismic response and 
limit state occurrence. The superstructure mass of the four basic bridge types are listed in Table 
2.3. The 3S bridges have the lightest superstructures while the 4C bridges have the heaviest 
ones. Table 4.4 summarizes the component damage limit states that show positive correlation 
with bridge superstructure mass. The occurrence of the tabulated limit states increases with 
superstructure mass. 
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Table 4.4: Damage Limit States Showing Positive Correlation With Superstructure Mass 
(Superstructure Masses of 3S, 3C, 4S, and 4C Bridges Rank in Ascending Order) 
 
4.7 THE EFFECT OF BRIDGE SKEW 
The highly skewed bridges of all the four types typically sustained more fusing of bearing 
retainers at abutments and steel bearings or dowels at fixed piers than the bridges with smaller 
skews. This is largely due to the bi-directional translation and rotation of the skew 
superstructure. Directly resulted from rupture of abutment bearing retainers, the highly 
skewed bridges were more susceptible to bearing unseating at abutments than those with 
small skews. As indicated in Section 4.3, the observed bearing unseating at abutments 
exclusively occurred in bridges with 45° and 60° skews supported by tall pier columns. For many 
bridges with high skews, the peak bearing sliding distance was quite close to the abutment seat 
width, although bearing unseating did not occur. For highly skewed bridges, the closure of 
expansion joints occurred in almost all the analyses due to the bi-directional deck displacement, 
regardless of ground motion incident direction. 
Field reconnaissances of the 1971 San Fernando earthquake and the 2010 Chile earthquake 
found that skew bridges experienced in-plane deck rotation and their acute deck corners 
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tended to drop off the abutment under strong earthquake ground motions (Yen et al. 2011). As 
an example for this response characteristic, Figure 4.2 shows the collapse of a 40°-skew bridge 
during the 2010 Chile earthquake. The failure pattern of the two curtain walls (walls on the two 
transverse sides of an abutment, acting as side restrainers to the deck end) at one abutment 
demonstrated that the acute deck corner knocked off the curtain wall adjacent to it and 
dropped off from the abutment. This caused a global collapse of the bridge, while the curtain 
wall adjacent to the obtuse deck corner was intact. This observed seismic response 
characteristic of skew bridges is generally consistent with the response observed herein. In 
both the longitudinal and transverse analyses, the acute deck corner of highly skewed bridges 
tended to drop off the abutment in either the abutment-parallel or abutment-normal direction.  
It has been concluded that the oblique contact between the skew deck end and abutment is a 
major cause of the deck rotation and bearing unseating (Kawashima et al. 2011). Figure 4.3a 
shows a schematic of the in-plane deck rotation of a skew bridge during a longitudinal pushover 
analysis. As the right deck end engages with Abutment 2 after the closure of the expansion 
joint, the skew abutment causes a resultant resistance R of the normal contact resistance Rn 
and the tangential friction resistance Rt. This resultant force causes the bridge superstructure to 
rotate in the clockwise direction and the acute deck corner at Abutment 2 tends to drop off the 
abutment. This behavior can actually be explained by an analogy to the classical kinematics 
problem of the sliding of a mass block on a slope, as shown in Figure 4.3b. Under the gravity 
force, the block will slide along the slope when the tangential friction is too insufficient to resist 
the component of the gravity force along the slope. The sliding of the skew deck end at the 
abutment under a longitudinal seismic force behaves similarly to the sliding of the block on the 
slope. When the component of the seismic force along the abutment exceeds resistance 
provided by the abutment, which includes the restraints from the bearing retainers and friction 
at the bearing bottom, then the deck end will slide along the abutment. Figure 4.3c illustrates 
the unseating mechanism of a skew bridge under transverse seismic forces. As the bridge is 
pushed transversely, the expansion joint at Abutment 1 is closed and the deck end is restrained 
from large transverse displacement by the normal contact and tangential friction at the closed 
joint. However, the expansion joint at Abutment 2 becomes wider and wider, and the acute 
deck corner will drop off from Abutment 2 after the transverse bearing retainers are fused. 
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Figure 4.2: Collapse of a Route 5 overcrossing at Hospital during the 2010 Chile earthquake 
(Figure Source: Yen et al. 2011). 
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Figure 4.3: Rotation of bridge superstructure subjected to longitudinal seismic forces. 
4.8 THE EFFECT OF PIER COLUMN HEIGHT 
For each of the four types of bridges, the taller pier columns resulted in significantly larger deck 
displacement and rotation than did the shorter ones. The most undesirable consequence of the 
large deck displacement and rotation is the unseating of bearings, which occurred exclusively at 
the abutments of tall-pier bridges. Besides bearing unseating, the tall-pier bridges of all the four 
types are more susceptible to a few component limit states than their short-pier equivalents, as 
shown in Table 4.5. The high occurrences of these limit states are essentially a direct 
consequence of the large deck displacement and rotation. In contrast, some other limit states 
occurred more in short-pier bridges than in their tall-pier equivalents. These limit states are all 
associated with the fixed pier (Pier 2), as shown in Table 4.5. In the short-pier bridges, the fixed 
pier has much larger lateral stiffness than the expansion piers. As a result, the stiff fixed pier 
incurred considerable seismic forces and resulted in damage to the connections, columns and 
piles at Pier 2. 
4.9 THE EFFECT OF FOUNDATION SOIL CONDITION 
For each of the four types of bridges, the peak deck displacements were generally higher in the 
presence of the soft soil. However, the deck rotations appeared to be insensitive to the 
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foundation soil condition. As summarized in Table 4.6, the sacrificial superstructure-to-
substructure connections at abutments and fixed piers fused easier at bridges with the soft 
foundation soil than those with the hard soil. The hard soil increases the lateral stiffness of the 
substructures and provides the required forces to rupture the anchors, which eventually helps 
the fusing of these sacrificial components. On the contrary, the mobilization of full backfill 
resistance occurred more at bridges with the soft soil. The large deck displacement resulting 
from the soft foundation soil caused considerable deformation of abutment backfill. 
Table 4.5: Effect of Pier Column Height on Occurrence of Limit States 
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Table 4.6: Effect of Foundation Soil on Occurrence of Limit States 
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CHAPTER 5: RECOMMENDATIONS FOR IMPROVING BRIDGE 
SEISMIC PERFORMANCE 
To improve the deficient bridge seismic performance, two adjustments to the current bridge 
design are proposed. Specifically, strengthening bearing retainer anchorage at abutments to 
prevent bearing unseating after the rupture of the retainer anchors. The other adjustment is 
weakening the sacrificial connections at fixed piers to reduce superstructure seismic forces that 
can be transferred to pier columns. In addition to the discussion in this chapter, more detailed 
results from comparative studies between the original bridges and bridges with the proposed 
adjustments are included in Appendix D. 
5.1 STRENGTHENING OF BEARING RETAINER ANCHORAGE AT ABUTMENTS 
As introduced in Section 4.2, a few highly skewed bridges supported by tall pier columns 
sustained bearing unseating at the abutments. Table 5.1 shows these bridges along with their 
original and strengthened bearing retainer anchors at the abutments. The shear capacity of the 
bearing retainer anchors specified by the IDOT Bridge Manual (IDOT, 2012) is 20% of the 
superstructure dead load at the bearing under consideration. By reviewing the plans of many 
existing bridges in Illinois, it was found that the bearing retainer anchors are typically over-
designed with a shear capacity higher than the specified value. To take this common practice 
into account, the anchor shear capacity of the five prototype bridges tabulated in Table 5.1 was 
originally designed to be around 30% of the superstructure dead load on the bearing. To 
determine the required anchor strength for preventing bearing unseating, additional response-
history analyses were performed on the five bridges using the same suite of earthquake ground 
motions applied in the four incident directions. The only difference between these additional 
analyses and those discussed in previous sections is the strengthened retainer anchorage at 
abutments. Through these additional analyses, it was found that in order to completely prevent 
bearing unseating at the abutments of these bridges, the shear capacity of the retainer anchors 
needs to be increased to about 90% of the dead load on the bearing. 
Table 5.1: Comparison of Retainer Anchor Rupture and Bearing Unseating in Bridges With 
Original and Strengthened Retainer Anchorage 
 
Figure 5.1 compares the peak sliding distance and the unseating of the elastomeric bearings at 
the deck corners of the 4C60P40S bridge between the cases with original and strengthened 
retainer anchorage. This bridge sustained the most occurrences of bearing unseating at 
abutments among all the bridges and, thus, it is selected as an example to show the efficacy of 
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the strengthening strategy. At each of the four deck corners, the peak bearing sliding in the 
abutment-normal direction was effectively reduced and bearing unseating was completed 
prevented by the strengthened retainer anchors. 
Figure 5.2 compares the retainer and bearing responses at the lower-right deck corner (acute 
deck corner supported by Abutment 2) of the 4C60P40S bridge when subjected to a transverse 
ground motion. As shown in Figure 5.2a, the strengthened anchor didn’t rupture in the analysis 
but the original one did. Consequently, shear deformation and sliding of the bearing was 
significantly suppressed and unseating was prevented, as shown in Figure 5.2b.  
As the bearing retainer anchors are used as structural fuses to protect substructures and their 
foundations, strengthening the abutment retainer anchors may cause increased force demands 
on the abutment and its pile foundation. Figure 5.3 compares the peak pile strain of the 
4C60P40S bridge with the original and strengthened bearing retainer anchors at its abutments. 
As expected, the peak strain of the abutment piles is generally increased due to the 
strengthened bearing retainers. However, Article 5.2.4 of the AASHTO Guide Specifications for 
LRFD Seismic Bridge Design (AASHTO 2011) indicates that for earthquake-resisting system with 
abutment contribution, “pile-supported foundations shall be designed to sustain the design 
earthquake displacements; inelastic behavior of the piles at the abutments shall be considered 
acceptable.” In line with the AASHTO provision, the inelastic response of the foundation piles is 
utilized as the Tier 3 seismic structural redundancy of the quasi-isolation strategy and it is 
preferred to bearing unseating.  
As demonstrated by the comparative analysis in this section, a practical and effective approach 
to prevent abutment bearing unseating for highly skewed tall-pier bridges is to strengthen the 
abutment bearing retainers. However, the potentially increased lateral force demands on the 
abutment foundation should also be considered in the foundation design. 
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Figure 5.1: Comparison of peak sliding ratios of elastomeric bearings at the deck corners of 
the 4C60P40S bridge variant with original and strengthened retainer anchorage at the 
abutments. 
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(a) (b) 
Figure 5.2: Comparison of retainer anchor and elastomeric bearing response at the lower-
right deck corner of the 4C60P40S bridge when subjected to a transverse ground motion 
(anchor rupture and bearing unseating were prevented by strengthening retainer anchors). 
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Figure 5.3: Comparison of peak pile strain (median + median absolute deviation) of the 
4C60P40S bridge variant with original and strengthened retainer anchorage at abutments:   
(a) response under longitudinal ground motions; (b) response under 45° ground motions;     
(c) response under transverse ground motions; and (d) response under 135° ground motions. 
 
5.2. WEAKENING CONNECTIONS BETWEEN SUPERSTRUCTURE AND FIXED PIER 
Installed on top of the fixed pier, anchors of low-profile steel fixed bearings (in steel-plate-
girder bridges) and steel dowels (in PPC-girder bridges) are intended to act as structural fuses 
that should rupture during major earthquake events. Similar to the bearing retainer anchors, 
the shear capacity of steel-fixed bearing anchors specified by the IDOT Bridge Manual (IDOT 
2012) is 20% of the superstructure dead load on the bearing under consideration. Through the 
inspection of the plans of many recently constructed highway bridges in Illinois, it was found 
that the specified nominal fusing capacity of low-profile steel fixed bearing anchors is typically 
over-designed. A primary reason for this design trend in practice may be that bridge engineers 
tend to regard the specified fusing capacity as a minimum requirement and use larger or more 
anchor bolts for conservatism. However, because the anchor bolts are intended to act as 
structural fuses during earthquake events, this “conservatism” may prevent the anchor bolts 
from rupture, and incur more seismic damage to pier columns. A secondary reason may be that 
fusing capacity in the close vicinity of 20% of the dead load on the bearing is not always 
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available in actual design due to the limited options for anchor diameters. In this situation, 
bridge designers may round the anchor diameter up to the nearest available size, which results 
in over-designed fusing capacity. 
For the PPC-girder bridges, the minimum required number of #8 (U.S.) steel dowels on each 
face of the pier between two adjacent girders, denoted by N, is given by the following equation: 
1 0.2 2 2
2 28.3
DLN
S
 = − ≥  
                                                        (5.1) 
where DL is the sum of all superstructure dead loads at the given pier under consideration 
(kips); S is the number of beam spaces. The 28.3, in kips, is the nominal shear capacity of a #8 
(U.S.) steel dowel with a yield strength of 60 ksi. As seen in Figure 5.4b, except these dowels 
between adjacent girders, additional dowels are used at each girder line to connect the bottom 
girder angle to the pier cap (one dowel for each exterior girder and two dowels for each interior 
girder). Although Eq. (5.1) aims to provide a total fusing capacity of the dowels between girders 
equal to 20% of the superstructure dead load imposed on the fixed pier, there are two potential 
sources leading to over-designed fusing capacity at this fixed pier connection. First, as seen in 
Figure 5.4b, a minimum value of 2 is specified for N, which can be much larger than the N value 
calculated by Eq. (5.1). Second, the dowels at girder lines provide extra shear capacity to the 
global fixed pier connection. 
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(a). Elevation view 
 
(b). Plan view 
Figure 5.4: Details of superstructure-to-fixed-pier connections in PPC girder bridges (after 
IDOT 2012). 
As indicated in Table 5.2, the steel fixed bearing anchors and steel dowels are weakened to 
improve the fusing performance of these components and reduce damage to pier columns. 
Besides the overdesigned connections, two additional design cases are considered, namely 
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specified and weakened designs. The connection in the specified design possesses a fusing 
capacity around 20% of the superstructure dead load at the considered bearing, while the 
fusing capacity of the weakened design is around 10% to 15% of the superstructure dead load. 
Using bridge 4S30P15S as an example, Figure 5.5 comparatively demonstrates the effect of 
weakening the superstructure-to-fixed-pier connections on mitigating seismic damage to pier 
columns, measured by the peak strain of reinforcing steel and the concrete cover at the column 
bases of the fixed pier (P2). The comparison clearly shows that weakening the fixed bearing 
anchorage leads to reduced inelastic strain of the vertical reinforcements of pier columns. 
Table 5.2: Different Designs of Connections Between Superstructure and Fixed Pier 
 
Using bridge 4S30P15S as an example, Figure 5.5 comparatively demonstrates the effect of 
weakening the superstructure-to-fixed-pier connections on mitigating seismic damage to pier 
columns, measured by the peak strain of reinforcing steel and the concrete cover at the column 
bases of the fixed pier (P2). The comparison clearly shows that weakening the fixed bearing 
anchorage leads to reduced inelastic strain of the vertical reinforcements of pier columns. 
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Figure 5.5: Comparison of peak strain (median + median absolute deviation) of reinforcing 
steel at pier column bases of the 4S30P15S bridge variant with different designs of steel fixed 
bearing anchorage: (a) response under longitudinal ground motions; (b) response under 45° 
ground motions; (c) response under transverse ground motions; and (d) response under 135° 
ground motions. 
 
As an example of the pier column response, Figure 5.6 compares the force-deflection response 
of Pier 2 columns between the three design cases of fixed bearing anchorage strength. In the 
over-designed and specified cases, the pier columns exhibit clear inelastic and large-deflection 
response. In contrast, the column response is essentially elastic and the deflection is the 
smallest in the case with the further weakened fixed bearing anchorage strength. Although 
weakening the fixed bearing anchors is effective for the selected 3S, 4S, and 3C bridges, merely 
using this strategy appeared to be ineffective for some of the 4C bridges. The reason is that for 
the fixed piers, even after the steel dowels were fused, the post-fusing friction between the 
performed joint filler and the concrete surface could result in considerable damage to the pier 
columns. Another reason is due to the large superstructure dead load. The similar situation was 
also observed at the expansion piers. Therefore, merely weakening the connections at the fixed 
pier may not be an effective strategy for the long-span massive concrete bridges. In this 
situation, using larger pier columns in conjunction with weakened connections is necessary to 
reduce the seismic damage to the pier columns. Table 5.3 lists three cases with different 
combinations of pier columns and connections between the superstructure and the fixed pier. 
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Case 1 is the original configuration without any modification of the components. In Case 2, the 
columns of both the expansion and fixed piers are enlarged, but the steel dowel connections on 
top of the fixed pier is not weakened. In Case 3, enlarged pier columns are used in conjunction 
with weakened connections. In Cases 2 and 3, except the larger column diameter, the 
reinforcing ratio, 2%, and grade of the steel and concrete material of the pier column remain 
the same as Case 1. 
 
Figure 5.6: Comparison of column response at Pier 2 of 4S30P15S bridge when subjected to a 
longitudinal ground motion (pier-normal response averaged over four columns at Pier 2). 
 
Table 5.3: Different Designs of Connections Between Superstructure and Fixed pier 
 
Figure 5.7 compares mitigation effects of column damage between Cases 1 and 2. It can be 
seen that enlarging the pier column diameter significantly reduces the peak steel and concrete 
strain at both the expansion and fixed piers. Figure 5.8 demonstrates that when the enlarged 
pier columns are used in conjunction with the weakened connections, additional reduction of 
peak steel and concrete strain at the fixed pier is achieved. Therefore, for the heavy 4C bridges 
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with small skew and short pier columns, the seismic damage to pier columns can be mitigated 
by increasing column size in conjunction with weakened superstructure-to-fixed-pier 
connections. 
 
 
Figure 5.7: Comparison of peak strain (median + median absolute deviation) of reinforcing 
steel at pier column bases of 4C00P15S bridge between Cases 1 and 2 of Table 5.3:                  
(a) response under longitudinal ground motions; (b) response under 45° ground motions;        
(c) response under transverse ground motions; and (d) response under 135° ground motions. 
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Figure 5.8: Comparison of peak strain (median + median absolute deviation) of reinforcing 
steel at pier column bases of 4C00P15S bridge between Cases 2 and 3 of Table 5.3:                 
(a) response under longitudinal ground motions; (b) response under 45° ground motions;      
(c) response under transverse ground motions; (d) response under 135° ground motions. 
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CHAPTER 6: SUMMARY AND CONCLUSIONS 
This report presents a comprehensive seismic performance assessment program for Illinois 
highway bridges designed by the quasi-isolation strategy. A matrix of eighty prototype bridges 
encompassing permutations of various bridge configurations was computationally modeled and 
then subjected to a suite of eighty site-specific earthquake accelerograms having a 1,000-year 
return period. For each bridge, the accelerograms were applied in four horizontal incident 
directions. Based on the eighty bridge models and the twenty ground motions applied in four 
directions, 6,400 response-history analyses were performed using a supercomputer.  
The seismic performance assessment presented in this report demonstrated that the majority 
of the prototype quasi-isolated bridges only sustained limited local damage and were unlikely 
to collapse when subjected to earthquake ground motions with a 1,000-year return period in 
southern Illinois. Despite the overall satisfactory performance, abutment bearing unseating 
occurred in the analyses of several highly skewed bridges supported by tall piers. All of the 
bearing unseating occurred after the fusing of the bearing retainers at the abutments of these 
bridges. In addition to the bearing unseating, a small number of non-skew or lightly skewed 
bridges supported by short piers sustained moderate to severe damage to the pier columns.  
To improve bridge seismic performance in these two aspects, two recommendations for 
adjusting the current design strategy were proposed. The first is to strengthen the bearing 
retainer anchorage at abutments of highly skewed bridges supported by tall piers. In the few 
bridges that experienced bearing unseating at their abutments, the fusing capacity of the 
retainer anchors was improved from the original 30% of the superstructure dead load on the 
bearing to around 90%. Comparative response-history analyses were performed to evaluate the 
proposed strengthening strategy and the results demonstrated that bearing unseating at the 
abutments of these bridges were prevented by strengthening the retainer anchorage. The 
other adjustment was to weaken the commonly over-designed superstructure-to-fixed-pier 
connections of non-skew or lightly skewed bridges supported by short pier columns, in order to 
mitigate pier column damage. Comparative response-history analysis results demonstrated that 
when the connection fusing capacity was reduced from more than 40% to around 10% to 15% 
of the superstructure dead load on the connection, effective mitigation of column damage was 
achieved in many bridges. For the heaviest four-span PPC-girder bridges, enlarged pier columns 
in conjunction with weakened connections were found to significantly mitigate pier column 
seismic damage. For these long-span massive bridges, merely weakening the sacrificial 
connections seemed to be insufficient in protecting pier columns.  
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APPENDIX A: PROTOTYPE BRIDGE PARAMETERS 
Table A.1: Component Mass of Prototype Bridges (units: 103 kg) 
 
Table A.2: Girder Reaction and Sizing of Bearing Components of 3S Bridges 
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Table A.3: Girder Reaction and Sizing of Bearing Components of 4S Bridges 
 
Table A.4: Girder Reaction and Sizing of Bearing Components of 3C Bridges 
 
Table A.5: Girder Reaction and Sizing of Bearing Components of 4C Bridges 
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Table A.6: Sectional Properties of Longitudinal Beam Elements in Superstructure Models (x-axis is the bridge longitudinal axis, y-
axis is the vertical axis) 
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Table A.7: Configuration of Diaphragms (Cross-Frames) Between Girders 
 
Table A.8: Number, Diameter, and Spacing of Columns at an Intermediate Pier 
 
Table A.9: Material Properties of Pier Column 
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Table A.10: Pile Number and Spacing at an Intermediate Pier 
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APPENDIX B: TIME HISTORIES AND RESPONSE SPECTRA OF 
EARTHQUAKE GROUND MOTIONS 
Table B.12: Parameters of Earthquake Ground Motions Employed for Nonlinear Dynamic 
Bridge Analyses 
 
A suite of 20 site-specific earthquake ground motion time histories with a 1,000-year return 
period for Cairo, Illinois was developed by Kozak et al. (2017). The time history, 5%-damping 
elastic pseudo-acceleration spectrum, pseudo-velocity spectrum, and displacement spectrum of 
each ground motion are illustrated in this appendix. 
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Figure B.1: Time history, 5%-damped pseudo-acceleration spectrum, pseudo-velocity 
spectrum, and displacement spectrum of earthquake motion Cro01. 
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Figure B.2: Time history, 5%-damped pseudo-acceleration spectrum, pseudo-velocity 
spectrum, and displacement spectrum of earthquake motion Cro02. 
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Figure B.3: Time history, 5%-damped pseudo-acceleration spectrum, pseudo-velocity 
spectrum, and displacement spectrum of earthquake motion Cro03. 
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Figure B.4: Time history, 5%-damped pseudo-acceleration spectrum, pseudo-velocity 
spectrum, and displacement spectrum of earthquake motion Cro04. 
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Figure B.5: Time history, 5%-damped pseudo-acceleration spectrum, pseudo-velocity 
spectrum, and displacement spectrum of earthquake motion Cro05. 
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Figure B.6: Time history, 5%-damped pseudo-acceleration spectrum, pseudo-velocity 
spectrum, and displacement spectrum of earthquake motion Cro06. 
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Figure B.7: Time history, 5%-damped pseudo-acceleration spectrum, pseudo-velocity 
spectrum, and displacement spectrum of earthquake motion Cro07. 
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Figure B.8: Time history, 5%-damped pseudo-acceleration spectrum, pseudo-velocity 
spectrum, and displacement spectrum of earthquake motion Cro08. 
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Figure B.9: Time history, 5%-damped pseudo-acceleration spectrum, pseudo-velocity 
spectrum, and displacement spectrum of earthquake motion Cro09. 
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Figure B.10: Time history, 5%-damped pseudo-acceleration spectrum, pseudo-velocity 
spectrum, and displacement spectrum of earthquake motion Cro10. 
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Figure B.11: Time history, 5%-damped pseudo-acceleration spectrum, pseudo-velocity 
spectrum, and displacement spectrum of earthquake motion Cro11. 
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Figure B.12: Time history, 5%-damped pseudo-acceleration spectrum, pseudo-velocity 
spectrum, and displacement spectrum of earthquake motion Cro12. 
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Figure B.13: Time history, 5%-damped pseudo-acceleration spectrum, pseudo-velocity 
spectrum, and displacement spectrum of earthquake motion Cro13. 
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Figure B.14: Time history, 5%-damped pseudo-acceleration spectrum, pseudo-velocity 
spectrum, and displacement spectrum of earthquake motion Cro14. 
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Figure B.15: Time history, 5%-damped pseudo-acceleration spectrum, pseudo-velocity 
spectrum, and displacement spectrum of earthquake motion Cro15. 
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Figure B.16: Time history, 5%-damped pseudo-acceleration spectrum, pseudo-velocity 
spectrum, and displacement spectrum of earthquake motion Cro16. 
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Figure B.17: Time history, 5%-damped pseudo-acceleration spectrum, pseudo-velocity 
spectrum, and displacement spectrum of earthquake motion Cro17. 
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Figure B.18: Time history, 5%-damped pseudo-acceleration spectrum, pseudo-velocity 
spectrum, and displacement spectrum of earthquake motion Cro18. 
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Figure B.19: Time history, 5%-damped pseudo-acceleration spectrum, pseudo-velocity 
spectrum, and displacement spectrum of earthquake motion Cro19. 
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Figure B.20: Time history, 5%-damped pseudo-acceleration spectrum, pseudo-velocity 
spectrum, and displacement spectrum of earthquake motion Cro2 
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APPENDIX C: ADDITIONAL RESULTS FOR CHAPTER 4 
C.1 ADDITIONAL ANALYSIS RESULTS FOR 3S BRIDGES 
Table C1.1: Limit state occurrences of each 3S bridge variant under 0° and 45° ground motions (each percentage indicates the 
number of analyses with occurrences of a limit state out of the 20 analyses with the ground motions applied to a bridge variant in 
an incident direction) 
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Table C1.1 Continued: Limit state occurrences of each 3S bridge variant under 90° and 135° ground motions (each percentage 
indicates the number of analyses with occurrences of a limit state out of the 20 analyses with the ground motions applied to a 
bridge variant in an incident direction) 
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Table C1.2: Occurrences of limit states at abutments (A1 and A2) of 3S bridge variants 
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Figure C1.1: Peak sliding ratios of elastomeric bearings at deck corners of 3S bridges. 
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Table C1.3: Normalized Peak Strains of Steel H Piles Supporting Abutments of 3S Bridges 
(peak strains are normalized to the yield strain of steel piles, 0.0017; numbers outside and 
inside the parentheses are medians and median absolute deviations, respectively; data for 
piles supporting backwalls and wingwalls are placed on the left and right sides of the 
commas, respectively) 
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Table C1.4: Occurrences of Limit States at Expansion Piers (Pier 1) of 3S Bridge Variants 
 
 
  
 99 
Table C1.5: Normalized peak strain of Vertical Reinforcing Steel at Pier Column Base of 3S 
Bridges (peak strains are normalized to the yield strain, 0.0021; numbers outside the 
parentheses are medians, while those inside are median absolute deviations; data of 
reinforcing steel at column base of expansion and fixed piers are placed on the left and right 
sides of the commas, respectively; performance levels in the footnote are defined per 
Kowalsky (2001) and Revell (2013)) 
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Table C1.6: Normalized Peak Strain of Concrete Cover at Pier Column Base of 3S Bridges (peak 
strains are normalized to the crushing strain, 0.005; numbers outside the parentheses are 
medians, while those inside are median absolute deviations; data of concrete cover at 
column base of expansion and fixed piers are placed on the left and right sides of the 
commas, respectively; performance levels in the footnote are defined per Kowalsky (2001) 
and Revell (2013)) 
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Table C1.7: Normalized Peak Strains of Steel H Piles at Piers of 3S Bridges (peak strains are 
normalized to the yield strain, 0.0017; numbers outside the parentheses are medians, while 
those inside are median absolute deviations; data for piles supporting expansion and fixed 
piers are placed on the left and right sides of the commas, respectively) 
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Table C1.8: Occurrences of Limit States at Fixed Piers (Pier 2) of 3S Bridge Variants 
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C.2 ADDITIONAL ANALYSIS RESULTS FOR 4S BRIDGES 
Table C2.1: Limit state occurrences of each 4S bridge variant under 0° and 45° ground motions (each percentage indicates the 
number of analyses with occurrences of a limit state out of the 20 analyses with the ground motions applied to a bridge variant in 
an incident direction) 
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Table C2.1 Continued: Limit state occurrences of each 4S bridge variant under 90° and 135° ground motions (each percentage 
indicates the number of analyses with occurrences of a limit state out of the 20 analyses with the ground motions applied to a 
bridge variant in an incident direction) 
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Table C2.2: Occurrences of limit states at abutments (A1 and A2) of 4S bridge variants 
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Figure C2.1: Peak sliding ratios of elastomeric bearings at deck corners of 4S bridges. 
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Table C2.3: Normalized peak strains of steel H piles supporting abutments of 4S bridges (peak 
strains are normalized to the yield strain of steel piles, 0.0017; numbers outside and inside 
the parentheses are medians and median absolute deviations, respectively; data for piles 
supporting backwalls and wingwalls are placed on the left and right sides of the commas, 
respectively) 
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Table C2.4: Occurrences of limit states at expansion piers (P1 and P3) of 4S bridge variants 
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Table C2.5: Normalized peak strain of vertical reinforcing steel at pier column base of 4S 
bridges (peak strains are normalized to the yield strain, 0.0021; numbers outside the 
parentheses are medians, while those inside are median absolute deviations; data of 
reinforcing steel at column base of expansion and fixed piers are placed on the left and right 
sides of the commas, respectively; performance levels in the footnote are defined per 
Kowalsky (2001) and Revell (2013)) 
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Table C2.6: Normalized peak strain of concrete cover at pier column base of 4S bridges (peak 
strains are normalized to the crushing strain, 0.005; numbers outside the parentheses are 
medians, while those inside are median absolute deviations; data of concrete cover at 
column base of expansion and fixed piers are placed on the left and right sides of the 
commas, respectively; performance levels in the footnote are defined per Kowalsky (2001) 
and Revell (2013)) 
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Table C2.7: Normalized peak strains of steel H piles at piers of 4S bridges (peak strains are 
normalized to the yield strain, 0.0017; numbers outside the parentheses are medians, while 
those inside are median absolute deviations; data for piles supporting expansion and fixed 
piers are placed on the left and right sides of the commas, respectively) 
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Table C2.8: Occurrences of limit states at fixed piers (Pier 2) of 4S bridge variants 
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C.3 ADDITIONAL ANALYSIS RESULTS FOR 3C BRIDGES 
Table C3.1: Limit state occurrences of each 3C bridge variant under 0° and 45° ground motions (each percentage indicates the 
number of analyses with occurrences of a limit state out of the 20 analyses with the ground motions applied to a bridge variant in 
an incident direction) 
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Table C3.1 Continued: Limit state occurrences of each 3C bridge variant under 90° and 135° ground motions (each percentage 
indicates the number of analyses with occurrences of a limit state out of the 20 analyses with the ground motions applied to a 
bridge variant in an incident direction) 
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Table C3.2: Occurrences of limit states at abutments (A1 and A2) of 3C bridge variants 
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Figure C3.1: Peak sliding ratios of elastomeric bearings at deck corners of 3C bridges. 
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Table C3.3: Normalized peak strains of steel H piles supporting abutments of 3C bridges (peak 
strains are normalized to the yield strain of steel piles, 0.0017; numbers outside and inside 
the parentheses are medians and median absolute deviations, respectively; data for piles 
supporting backwalls and wingwalls are placed on the left and right sides of the commas, 
respectively) 
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Table C3.4: Occurrences of limit states at expansion piers (Pier 1) of 3C bridge variants 
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Table C3.5: Normalized peak strain of vertical reinforcing steel at pier column base of 3C 
bridges (peak strains are normalized to the yield strain, 0.0021; numbers outside the 
parentheses are medians, while those inside are median absolute deviations; data of 
reinforcing steel at column base of expansion and fixed piers are placed on the left and right 
sides of the commas, respectively; performance levels in the footnote are defined per 
Kowalsky (2001) and Revell (2013)) 
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Table C3.6: Normalized peak strain of concrete cover at pier column base of 3C bridges (peak 
strains are normalized to the crushing strain, 0.005; numbers outside the parentheses are 
medians, while those inside are median absolute deviations; data of concrete cover at 
column base of expansion and fixed piers are placed on the left and right sides of the 
commas, respectively; performance levels in the footnote are defined per Kowalsky (2001) 
and Revell (2013)) 
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Table C3.7: Normalized peak strains of steel H piles at piers of 3C bridges (peak strains are 
normalized to the yield strain, 0.0017; numbers outside the parentheses are medians, while 
those inside are median absolute deviations; data for piles supporting expansion and fixed 
piers are placed on the left and right sides of the commas, respectively) 
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Table C3.8: Occurrences of limit states at fixed piers (Pier 2) of 3C bridge variants 
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C.4 ADDITIONAL ANALYSIS RESULTS FOR 4C BRIDGES 
Table C4.1: Limit state occurrences of each 4C bridge variant under 0° and 45° ground motions (each percentage indicates the 
number of analyses with occurrences of a limit state out of the 20 analyses with the ground motions applied to a bridge variant in 
an incident direction) 
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Table C4.1 Continued: Limit state occurrences of each 4C bridge variant under 90° and 135° ground motions (each percentage 
indicates the number of analyses with occurrences of a limit state out of the 20 analyses with the ground motions applied to a 
bridge variant in an incident direction) 
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Table C4.2: Occurrences of limit states at abutments (A1 and A2) of 4C bridge variants 
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Table C4.3: Normalized peak strains of steel H piles supporting abutments of 4C bridges (peak 
strains are normalized to the yield strain of steel piles, 0.0017; numbers outside and inside 
the parentheses are medians and median absolute deviations, respectively; data for piles 
supporting backwalls and wingwalls are placed on the left and right sides of the commas, 
respectively) 
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Table C4.4: Occurrences of limit states at expansion piers (Piers 1 and 3) of 4C bridge variants 
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Table C4.5: Normalized peak strain of vertical reinforcing steel at pier column base of 4C 
bridges (peak strains are normalized to the yield strain, 0.0021; numbers outside the 
parentheses are medians, while those inside are median absolute deviations; data of 
reinforcing steel at column base of expansion and fixed piers are placed on the left and right 
sides of the commas, respectively; performance levels in the footnote are defined per 
Kowalsky (2001) and Revell (2013)) 
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Table C4.6: Normalized peak strain of concrete cover at pier column base of 4C bridges (peak 
strains are normalized to the crushing strain, 0.005; numbers outside the parentheses are 
medians, while those inside are median absolute deviations; data of concrete cover at 
column base of expansion and fixed piers are placed on the left and right sides of the 
commas, respectively; performance levels in the footnote are defined per Kowalsky (2001) 
and Revell (2013)) 
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Table C4.7: Normalized peak strains of steel H piles at piers of 4C bridges (peak strains are 
normalized to the yield strain, 0.0017; numbers outside the parentheses are medians, while 
those inside are median absolute deviations; data for piles supporting expansion and fixed 
piers are placed on the left and right sides of the commas, respectively) 
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Table C4.8: Occurrences of limit states at fixed piers (Pier 2) of 4C bridge variants 
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APPENDIX D: ADDITIONAL RESULTS FOR CHAPTER 5 
D.1 ADDITIONAL ANALYSIS RESULTS FOR SECTION 5.1 
D.1.1 4S60P40S Bridge Variant 
 
Figure D.1: Comparison of peak sliding distance of elastomeric bearings at deck corners of 
4S60P40S bridge variant with original and strengthened retainer anchorage at abutments. 
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Figure D.2: Comparison of peak pile strain (median + median absolute deviation) of 4S60P40S 
bridge variant with original and strengthened retainer anchorage at abutments. 
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Figure D.3: Comparison of peak strain (median + median absolute deviation) of reinforcing 
steel at pier column bases of 4S60P40S bridge variant with original and strengthened retainer 
anchorage at abutments. 
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D.1.2 3C60P40S Bridge Variant 
 
Figure D.4: Comparison of peak sliding distance of elastomeric bearings at deck corners of 
3C60P40S bridge variant with original and strengthened retainer anchorage at abutments. 
  
 136 
 
Figure D.5: Comparison of peak pile strain (median + median absolute deviation) of 3C60P40S 
bridge variant with original and strengthened retainer anchorage at abutments. 
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Figure D.6: Comparison of peak strain (median + median absolute deviation) of reinforcing 
steel at pier column bases of 3C60P40S bridge variant with original and strengthened retainer 
anchorage at abutments. 
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D.1.3 4C45P40H Bridge Variant 
 
Figure D.7: Comparison of peak sliding distance of elastomeric bearings at deck corners of 
4C45P40H bridge variant with original and strengthened retainer anchorage at abutments. 
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Figure D.8: Comparison of peak pile strain (median + median absolute deviation) of 4C45P40H 
bridge variant with original and strengthened retainer anchorage at abutments. 
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Figure D.9: Comparison of peak strain (median + median absolute deviation) of reinforcing 
steel at pier column bases of 4C45P40H bridge variant with original and strengthened 
retainer anchorage at abutments. 
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D.1.4 4C60P40H Bridge Variant 
 
Figure D.10: Comparison of peak sliding distance of elastomeric bearings at deck corners of 
4C60P40H bridge variant with original and strengthened retainer anchorage at abutments. 
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Figure D.11: Comparison of peak pile strain (median + median absolute deviation) of 
4C60P40H bridge variant with original and strengthened retainer anchorage at abutments. 
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Figure D.12: Comparison of peak strain (median + median absolute deviation) of reinforcing 
steel at pier column bases of 4C60P40H bridge variant with original and strengthened 
retainer anchorage at abutments. 
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D.2 ADDITIONAL ANALYSIS RESULTS FOR SECTION 5.2 
D.2.1 3S00P15S Bridge Variant 
 
Figure D.13: Comparison of peak strain (median + median absolute deviation) of reinforcing 
steel at pier column bases of 3S00P15S bridge variant with different designs of steel fixed 
bearing anchorage. 
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Figure D.14: Comparison of peak strain (median + median absolute deviation) of concrete 
cover at pier column bases of 3S00P15S bridge variant with different designs of steel fixed 
bearing anchorage. 
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D.2.2 3S15P15S Bridge Variant 
 
Figure D.15: Comparison of peak strain (median + median absolute deviation) of reinforcing 
steel at pier column bases of 3S15P15S bridge variant with different designs of steel fixed 
bearing anchorage. 
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Figure D.16: Comparison of peak strain (median + median absolute deviation) of concrete 
cover at pier column bases of 3S15P15S bridge variant with different designs of steel fixed 
bearing anchorage. 
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D.2.3 3C00P15S Bridge Variant 
 
Figure D.17: Comparison of peak strain (median + median absolute deviation) of reinforcing 
steel at pier column bases of 3C00P15S bridge variant with different designs of steel fixed 
bearing anchorage. 
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Figure D.18: Comparison of peak strain (median + median absolute deviation) of concrete 
cover at pier column bases of 3C00P15S bridge variant with different designs of steel fixed 
bearing anchorage. 
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D.2.4 3C15P15S Bridge Variant 
 
Figure D.19: Comparison of peak strain (median + median absolute deviation) of reinforcing 
steel at pier column bases of 3C15P15S bridge variant with different designs of steel fixed 
bearing anchorage. 
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Figure D.20: Comparison of peak strain (median + median absolute deviation) of concrete 
cover at pier column bases of 3C15P15S bridge variant with different designs of steel fixed 
bearing anchorage. 
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D.2.5 3C30P15S Bridge Variant 
 
Figure D.21: Comparison of peak strain (median + median absolute deviation) of reinforcing 
steel at pier column bases of 3C30P15S bridge variant with different designs of steel fixed 
bearing anchorage. 
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Figure D.22: Comparison of peak strain (median + median absolute deviation) of concrete 
cover at pier column bases of 3C30P15S bridge variant with different designs of steel fixed 
bearing anchorage. 
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D.2.6 4S00P15S Bridge Variant 
 
Figure D.23: Comparison of peak strain (median + median absolute deviation) of reinforcing 
steel at pier column bases of 4S00P15S bridge variant with different designs of steel fixed 
bearing anchorage. 
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Figure D.24: Comparison of peak strain (median + median absolute deviation) of concrete 
cover at pier column bases of 4S00P15S bridge variant with different designs of steel fixed 
bearing anchorage. 
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D.2.7 4S15P15S Bridge Variant 
 
Figure D.25: Comparison of peak strain (median + median absolute deviation) of reinforcing 
steel at pier column bases of 4S15P15S bridge variant with different designs of steel fixed 
bearing anchorage. 
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Figure D.26: Comparison of peak strain (median + median absolute deviation) of concrete 
cover at pier column bases of 4S15P15S bridge variant with different designs of steel fixed 
bearing anchorage. 
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D.2.8 4S30P15S Bridge Variant 
 
Figure D.27: Comparison of peak strain (median + median absolute deviation) of reinforcing 
steel at pier column bases of 4S30P15S bridge variant with different designs of steel fixed 
bearing anchorage. 
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Figure D.28: Comparison of peak strain (median + median absolute deviation) of concrete 
cover at pier column bases of 4S30P15S bridge variant with different designs of steel fixed 
bearing anchorage. 
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D.2.9 4C00P15S Bridge Variant 
 
Figure D.29: Comparison of peak strain (median + median absolute deviation) of reinforcing 
steel at pier column bases of 4C00P15S bridge variant with different designs of steel fixed 
bearing anchorage. 
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Figure D.30: Comparison of peak strain (median + median absolute deviation) of concrete 
cover at pier column bases of 4C00P15S bridge variant with different designs of steel fixed 
bearing anchorage.  
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D.2.10 4C15P15S Bridge Variant 
 
Figure D.31: Comparison of peak strain (median + median absolute deviation) of reinforcing 
steel at pier column bases of 4C15P15S bridge variant with different designs of steel fixed 
bearing anchorage. 
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Figure D.32: Comparison of peak strain (median + median absolute deviation) of concrete 
cover at pier column bases of 4C15P15S bridge variant with different designs of steel fixed 
bearing anchorage. 
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Figure D.33: Comparison of peak strain (median + median absolute deviation) of reinforcing 
steel at pier column bases of 4C15P15S bridge between Cases 1 and 2 of Table 5.5. 
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Figure D.34: Comparison of peak strain (median + median absolute deviation) of concrete 
cover at pier column bases of 4C15P15S bridge between Cases 1 and 2 of Table 5.5. 
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Figure D.35: Comparison of peak strain (median + median absolute deviation) of reinforcing 
steel at pier column bases of 4C15P15S bridge between Cases 2 and 3 of Table 5.5. 
  
 167 
 
Figure D.36: Comparison of peak strain (median + median absolute deviation) of concrete 
cover at pier column bases of 4C15P15S bridge between Cases 2 and 3 of Table 5.5. 
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D2.11 4C30P15S Bridge Variant 
 
Figure D.37: Comparison of peak strain (median + median absolute deviation) of reinforcing 
steel at pier column bases of 4C30P15S bridge variant with different designs of steel fixed 
bearing anchorage. 
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Figure D.38: Comparison of peak strain (median + median absolute deviation) of concrete 
cover at pier column bases of 4C30P15S bridge variant with different designs of steel fixed 
bearing anchorage. 
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Figure D.39: Comparison of peak strain (median + median absolute deviation) of reinforcing 
steel at pier column bases of 4C30P15S bridge between Cases 1 and 2 of Table 5.5. 
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Figure D.40: Comparison of peak strain (median + median absolute deviation) of concrete 
cover at pier column bases of 4C30P15S bridge between Cases 1 and 2 of Table 5.5. 
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Figure D.41: Comparison of peak strain (median + median absolute deviation) of reinforcing 
steel at pier column bases of 4C30P15S bridge between Cases 2 and 3 of Table 5.5. 
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Figure D.42: Comparison of peak strain (median + median absolute deviation) of concrete 
cover at pier column bases of 4C30P15S bridge between Cases 2 and 3 of Table 5.5. 
 
 
 
 
  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
  
 
 
